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FOREWORD 


The Implementation Package provides practical guidelines for the seismic 
design and retrofit of highway bridges. The manual should be useful to both 
beginners and experts in seismic design. It emphasizes short and medium span 
bridges that are tyDical of current practice throughout the United States. 

The manual is appropriate for a wide range of common bridge types in all 
seismic zones across the country. 

Copies of the manual are being distributed to FHWA Region and Division offices 
and to each State highway agency. Additional copies of the manual can be 
obtained from the National Technical Information Service, Springfield, 

Virginia 22161. 



»b<u a. 

R. J. Betsold 
Director, Office of 
ImDlementation 


NOTICE 

This document is disseminated under the sponsorship of the Department of 
Transportation in the interest of information exchange. The United States 
Government assumes no liability for its contents or use thereof. 

X 

V 

The contents of this report reflect the views of the authors who are 
responsible for the facts and the accuracy of the data presented herein. The 
contents do not necessarily reflect the policy of the Department of 
Transportation. 

This report does not constitute a standard, specification, or regulation. 

The United States Government does not endorse products or manufacturers. 

Trade or manufacturers' names appear herein only because they are considered 
essential to the objective of this document. 
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CONVERSION FACTORS TO SI METRIC UNITS 
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by 

to obtain 
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0.0254 

meters (m) 
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inches (in) 

25.4 

millimeters (mm) 
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acre-feet (acre-ft) 

1233. 

cubic meters (m3) 

gallons (gal) 

3.785 x 10" 3 

cubic meters (m3) 

gallons (gal) 

3.785 

liters (1) 

pounds (lb) 

0.4536 

kilograms (kg) 

tons (2000 lb) 

907.2 

kilograms (kg) 

pounds force (Ibf) 

4.448 

newtons (IM) 

pounds per sq in (psi) 

6895. 

newtons per sq m (N/m2) 

pounds per sq ft (psf) 

47.88 

newtons per sq m (N/m2) 

foot-pounds (ft-lb) 

1.356 

joules (J) 

horsepowers (hp) 

746. 

watt (W) 

British thermal units (Btu) 

1055. 

joules (J) 


Some Definitions 

newton - force that will accelerate a 1 kg mass at 1 m/s2 

joule - work done by a force of 1 N moving through a displacement of 1 m 

1 newton per sq m (N/m2) = i pascal (Pa) 

1 kilogram force (kgf) = 9.807 N 
1 gravity acceleration (g) = 9.807 m/s2 
1 hectare (ha) = 10,000 m 2 

1 kip (k) = 1000 lb = 4448 N = 453.6 kgf = 0.5 ton 
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CHAPTER 1 INTRODUCTION 


Earthquakes damage civil engineering structures every year and bridges are no exception. 
Historically, bridges have proven to be vulnerable to earthquakes, sustaining damage 
to substructures and foundations and in some cases being totally destroyed as 
superstructures collapse from their supporting elements (figure 1). In 1964 nearly every 
bridge along the partially completed Copper River Highway in Alaska was seriously 
damaged or destroyed. Seven years later, the San Fernando earthquake damaged more 
than sixty bridges on the Golden State Freeway in California. This 1971 earthquake 
is estimated to have cost the State approximately $100 million (1984 dollars) to repair 
and replace these bridges, including the indirect costs due to bridge closures. Both 
Japan and Chile have also experienced seismic damage to modern bridges in recent 
years. 

The poor seismic performance of bridge structures is surprising in view of the substantial 
advances made in design and construction for vehicular (vertical) loads. For more 
than a century, bridge spans have been pushed further than before, alignment has 
become increasingly complex and aesthetic requirements have become more demanding. 
Nevertheless, these demands have been satisfied by use of innovative materials and, 
more recently, computer based analysis and design methods. However, similar advances 
have not been made for the seismic performance of bridges as evidenced by the 
Anchorage and San Fernando earthquakes. 

The reason for this apparent paradox is that for live load, the critical element in a 
bridge is the superstructure whereas for seismic loads; the critical elements are the 
substructures and foundations and their connections to the superstructure. The advances 
in the state-of-the-art have been related to the superstructure with little or no attention 
being given to the substructures and their performance under high lateral load. 
Fortunately this situation has changed in the last ten years. 

Following the defective performance of bridges in the San Fernando earthquake, the 
Federal Highway Administration (FHWA) and the California Department of Transportation 
(CALTRANS) began exhaustive studies into the seismic performance of bridges. This 
intense effort has resulted in a series of publications, interim specifications and seismic 
design guidelines for both new and existing bridges. 

CALTRANS adopted new seismic design criteria in 1973, and the American Association 
of State Highway and Transportation Officials (AASHTO) published a modified version 
of these criteria as interim specifications in 1975. These have since been incorporated 
in subsequent editions of the Standard Specifications for Highway Bridges [reference 
1] and are the basis of seismic criteria for bridges nationwide. CALTRANS has refined 
and updated its criteria continuously over the last decade [reference 21. They are 
now more rigorous than the AASHTO Standard Specifications and reflect the higher 
seismic risk in the State of California. In addition the FHWA funded the Applied 
Technology Council (ATC) of California to prepare a synthesis report on seismic bridge 
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Figure 1: Damaged Overcrossing, Golden State Freeway and 
Foothill Freeway interchange, San Fernando Earthquake, 1971 


design based on the results of research recently undertaken within the United States 
and in several foreign countries (principally New Zealand and Japan). Published in 
1981 as set of Seismic Design Guidelines for Highway Bridges [reference 3], this report, 
widely known as ATC-6, is a state-of-the-art document which includes the most recent 
developments and design practices for the seismic design of bridges. Written in a 
code format, with an extensive commentary, it was adopted by AASHTO in 1983 as 
an approved alternate Guide Specification for seismic design [reference 4] in all fifty 
states. 

Following the successful completion of ATC-6, the FHWA subsequently funded two further 
projects in this area. The first of these was for the preparation of a companion set 
of guidelines for the seismic retrofit of existing bridges. These were published in 1983 
by the Applied Technology Council under project ATC 6-2 [reference 5) and are unique 
in that they are thought to be the only set of retrofit guidelines in print. The second 
FHWA contract was for the preparation of a seismic design manual for bridge 
foundations. Recently completed by the Earth Technology Corporation, this publication 
is another state-of-the-art reference work for bridge designers [reference 6], 

In view of this wealth of literature, it is not surprising that bridge designers feel 
overwhelmed by these rapid changes in design procedures and engineering practices. 
Aware of this situation, FHWA funded the Engineering Computer Corporation in 1980 
to prepare a Workshop Manual on the Seismic Design of Bridges, and to follow through 
with a series of workshops to help bridge engineers assimilate and become familiar 
with these new design procedures. However, at that time, the ATC Guidelines and 
the Foundation Manual [references 4, 5 and 6] were not complete and a revision to 
the Workshop manual was considered necessary In the light of these subsequent 
publications. 

This present manual is the result of this revision. However, rather than a "revision", 
this manual is a completely new document. It might be thought of as a beginner s 
guide to seismic bridge design but it is hoped that the expert will also find something 
of interest in these pages. The emphasis of this work is on short- and medium-span 
bridges that are typical of current design practice throughout the United States. As 
will be seen, the superstructure type (girder or truss) is less important than the 
continuity of the superstructure, its connection to the substructures, and the design 
of the substructures and foundations. Therefore, this manual is appropriate to a wide 
range of common bridge types in all seismic zones across the United States. 

After a brief survey of relevant seismology in chapter 2, basic bridge dynamics 
are introduced in chapter 3. Some background Is assumed in engineering mathematics 
at this point, but the explanations of dynamic behavior are deliberately non-mathematical 
in the hope of developing a "feel" for bridge response to dynamic loads. Even the 
notation is simplified to minimize the number of road-blocks to understanding the basics 
of bridge dynamics. 

Chapter 4 explains the design philosophy currently adopted in the AASHTO Guide 
Specifications for seismic design and gives some historical background to this philosophy. 
Accordingly, the past performance of bridges in earthquakes is reviewed and typical 
damage and failure mechanisms are discussed. Structural form as it affects bridge 
seismic performance is discussed in detail in chapter 5 under the heading design 
concepts. Good form is illustrated and the importance of simplicity, symmetry, and 
integrity in a bridge is highlighted. Structural form to be avoided is also illustrated. 
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rtlte AAKHTn^rlnrio 5, ackB ; oc,na are presented in chapter 6. especially in the context 
o f the AASHTO Guide Specifications. Of particular note here is the introduction of 

S’ *? R ® s P° nse . Modification Factors for reducing elastic forces to obtain design loads 
Chapter 7 overviews the calculation of member forces and displacements nlen thP 

Sods ofanateir^mnw nT* ^ dls P lacemen,s ar ® <°“nd from recommended 
methods of analysis (simplified where possible into a single mode procedure) and used 

to proportion the columns. connections, footings and foundations of the bridge seveS 
earner ZX* 8 * '" US,ra,e ' ne pr0Cedures ~ 

for th ® 1retrofit of existin g bridges are summarized in chapter 9. it is an 
attempt to consolidate the main points of the ATC 6-2 report [reference 5] into one 

t C jr. t0 9 ' Ve 3n overview of the philosophy and some of the options available to 
he engineer engaged in retrofit. It is not possible to condense all the relevant facts 

document. P ^ ^ nee( “ nB 9rea,9r de,ail ls referred to ,h; ™ourc e 


Chapter 10 presents some comparative analyses performed 
SEISAB. These analyses illustrate the usefulness of SEISAB 
mode modelling for bridge seismic response. 


with the computer program 
and the limitations of single- 
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CHAPTER 2 BASIC SEISMOLOGY 


The level of seismic force that a bridge will be subjected to depends on the seismicity 
of the region where the structure is to be built. Seismology is the science of 
earthquakes and related phenomena and it is through this science that seismic activity 
and thus the seismic design loads for a bridge may be quantified. 

In this chapter some basic concepts of seismology are introduced. Definitions of terms 
commonly used in seismology are provided in a glossary at the back of this manual. 
Explanations of the more important concepts are, however, given in this chapter. The 
source of earthquake activity is then discussed and the nature of the motions during 
an earthquake described. Features of these motions which are especially pertinent to 
a bridge designer are emphasized, in particular the prevalent directions, frequency 
content of the motions and the possibility of long period waves which may influence 
the design of large bridge structures. 

In addition to the effects of earthquakes, probability information concerning their 
magnitude and occurrence is required to develop design forces. The consideration of 
motions from all possible events plus the probabilities of their occurrences is then 
the basis for determining the design earthquake for a particular site. The design 
earthquake will also depend on local conditions (geology and soil profile) at the proposed 
site. The importance of these items is discussed. 

This chapter is not intended to provide an in-depth knowledge of seismology and in 
fact such detailed knowledge is not generally required of the bridge designer. The 
end product of the magnitude and risk studies is generally available in code form 
as a seismic design coefficient or a design spectrum. However, a basic understanding 
of the mechanisms and effects of earthquakes will be helpful in assessing whether 
code specifications are sufficient for a particular site and in deciding how to account 
for unusual conditions which may exist at a site. When necessary, further information 
can be found in references 7, 8. 9. 10 and 11. 


2.1 TERMS USED IN SEISMOLOGY 

Several terms commonly used in seismology are explained in a glossary appended 
to this manual. Amplification of some of the more important terms is given below. 

Intensity 

The intensity of an earthquake is a subjective measure of the effects of an earthquake 
at a given location. It refers to the level of shaking at a specified place and therefore 
a single earthquake will have a series of intensities, depending on where it is measured. 
Various intensity scales have been proposed to date, with perhaps the two most popular 
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being those of Rossi and Forel (Europe. 1880's) and Mercalli (Italy, 1902) The former 
scale (with ten numerical divisions) failed to distinguish between “strong" events over 
certain intensity. The later scale in modified form is widely used today. It has twelve 
numerical divisions, and is listed in detail in appendix A. 

caltert 5 " hiCh Pa5$ ,hr °“ 9h areas °* equal o«»e™d intensity are 
called isoseismals. They are usually used td define the boundaries between renlons 

with successive intensity ratings. A typical isoselsmal map Is shown ,n figure 2 
Magnitude 

fhP^l Ud orl an i ? 1 strun ;® ntal measure of the size of an earthquake, independent of 

Tn f1 f “ i0n : he r aSUrement is based on the P rinci P ,e that the amplitudes 
h 9 ° " d ™ 0t,0 . ns pr ° d “ ced by eart hquakes are a measure of the energy released 
by the earthquake. Although this is difficult to quantify in practice, it is the basis 
SUt 6 Tf commonly used magnitude scale, the Richter magnitude, denoted by M 
Richter defined the magnitude of a local earthquake as the logarithm to the base 10 
of the maximum seismic wave amplitude (in thousandths of a millimeter) recorded on 
a standard seismograph at a distance of 100 kilometers from the earthquake epicenter. 

i.e. M = log 10 A (1) 

where A is the wave amplitude expressed in microns. 

rnniilH StrU ^ ntS n0t '? Cated 100 km from the epicenter, a correction for distance is 

omDerties 0 t° nS T al ?° be applied t0 aCGOunt for differa "ces in instrument 

properties, and the type of seismic wave used to determine A. Despite these 

tm'nn k?' V T? ti0 D n l in the estimation of magnitude for the same earthquake are 
f b *u Th ^ R,Chter ma9nitude most frequently used by the media, when reporting 

a major earthquake, is based on surface wave amplitudes measured a thousand or 
more kilometers from the source. 

Because of the logarithmic nature of the Richter scale, a unit change in magnitude 
corresponds to a tenfold change in wave amplitude (ground movement). Since the energy 

,n V n earthquake is also logarithmically related to magnitude, a unit change 

in magnitude corresponds to a thirtyfold change in released energy. This fact can 

SLIhoh 3 ® ° bservation that - in general, bridge structures are not usually 

damaged in earthquakes less than 5.5 in magnitude. However, a magnitude 6 5 

^hirh Uake Ca V,f deva ® tatin 9 as demonstrated by the 1971 San Fernando 9 earthquake 
(which was a 6.5 event) In which 66 highway bridges were damaged or destroyed 

no / ,n 9 that n is now unlikely that a magnitude 6.5 event would damage 

9 k?h Same eXtent This is becaus e seismic design procedures for 

Cahfomia bridges were substantially improved following this 1971 earthquake and bridges 

constructed since the mid-70's are expected to perform significantly better than pre- 
19/i structures. K 

Hypocenter. Epicenter and Focus 

The hypocenter is that underground point where the initial rupture of rock occurs during 

Jli ! qUa ?' 6 epicenter is a point on th ® Orth's surface vertically above the 
hypocenter. Focus is a synonym for hypocenter. It is important to recognize that the 
epicenter and hypocenter do not indicate the center of energy release. 
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Figure 2: Isoseismals for the 1811 New Madrid Missouri Earthquake 
Based on the Modified Mercalli Scaie (from Reference 7) 


Faulting 


Faulting refers to planes of weakness in the earth's crust, generally accompanied bv 
movement <* material on either side of the fault. Faults may be active S 

or 1nacTve m0Vement ^ 35 '°°° yearS ° r ^ Within the ,ast500 ‘ 000 years) 

+ H UtS 9 ? U " d (horizonta,) p,ane along a line whose direction from north 

Lnrt !h d the .. str,ke of the fault - The fault plane itself may not necessarily be vertical 
and the inclination from the horizontal is called the dip of the fault (measured 
perpend'cu ar to the strike). Three basic types of faults can thus be identified based 
plane natUr6 ° f ^ relatlve movement between material on either side of the fault 


relative* 1 to The f3Ult han 9 in 9 over the fracture, slips downward 

e ative to the other side, the fault is said to be normal. Conversely when the 

overhanging side moves upwards the fault is called a reverse fault Both* normal and 
reverse fauits produce vertical displacements seen at the surface as fault scarps and 
are called dip-slip faults. In contrast, faults producing horizontal displacements are 
caled strike-slip faults. If the motion of the far side of the fault is from right to left 
the faulting is left lateral; if it is from left to right the faulting is right lateral 

ohHn.iIf'fafi^^h 06 c ° mbination of horizontal and vertical motion, and^re called 
oblique faults. These fault types are illustrated in figure 3. 


Body and Surface Waves 

iT^he "earth's crus? ThSf ^ SUdde " r ® leaSe of ener 9V sets off vibrations 

waves) and on th* vibrations can travel both within the earth's material (body 

of the various ty^es of waves" 06 R9Ure 4 9iV0S 3 ViSUa * in terpretation 

There are two major types of body waves - longitudinal or P waves and transverse 
or S waves The longitudinal waves travel by compressions and dilations in the direction 
of propagation, and have the fastest speeds. They are denoted P for primary waves 

hnth cni-H 3 ri S f e6 ^ S ° f several mi, es per second. These waves can travel through 
both solid and liquid material. The transverse waves travel by shear distortions norrnal 

t^n^m t d,reCt, ° n ° f propa 9 ation - Although they are denoted S for secondary waves they 
transmit more energy than the P waves. S waves may also be plane-po7arized Those 

W* rT ° n m 3 vert,cal p,ane containing the direction of propagation are called 
SV waves (these are illustrated in figure 4); horizontally polarized waves are caled 
SH waves. S waves cannot travel through liquids. ° 

Surface waves are so called because their motion is restricted to close to the around 

"s?°a e nd Ls ThS a bel °T ,h ! 0r ° und surtace •» wave r p ,Sdes Se 

Th a wo types of surface waves during earthquakes. The first is 

exceot^ th^Tt^rt T m0ti ° n iS Simi ' ar t0 that 0f an S wave borizontally poarized 
except tha its effects die out as depth increases. The second is called a Ravleinh 

wave, similar to a rolling ocean wave. Material disturbed by a Rayleiqh wave moves 

in an elliptical path in the vertical plane containing the direction of propagation Surface 

S,OWly lhan b0dy “ aves ' Wi,h ZZXZeTTn 
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The amplitude of surface waves is generally insignificant compared to that of P and 
S waves at distances as much as five times the depth of the focus. However, at greater 
epicentral distances- the Rayleigh waves become very prominent. 


2.2 EARTHQUAKE ACTIVITY 

If the locations of the epicenters of all earthquakes are plotted on a map of the world 
over a period of a decade or two, the resulting pattern will not be random. Clear 
“belts" of seismic activity will separate large areas where almost no earthquake centers 
are located. Some of these belts are located along the edges of continents, while 
others occur in the middle of major oceans. Still other belts coincide with arcs of 
small islands, such as those in the Pacific, and the Aleutian chain swinging westward 
from Alaska. These belts of earthquake activity are dramatic evidence that the earth 
is not a solid, immoveable body. Rather, the theory used to explain this occurrence 
(backed up by clear geological evidence) is that the earth's crust consists of a number 
of large plates, slowly but surely grinding past each other. It is this relative movement 
at the plate boundaries that is the major cause of earthquakes. However, there are 
known occurrences of catastrophic earthquakes in regions away from plate boundaries. 
In the United States, the New Madrid earthquakes (1811-1812) in Missouri and the 
Charleston, South Carolina (1886) earthquake are dramatic examples of exceptions to 
the general trend. 

The plates are typically 30 to 60 miles thick, and in fact, most of the damaging 
earthquakes have focal depths well within this range. In California, for example, all 
the known earthquakes to date have been shallow-focus, and in central California, almost 
all events have focal depths less than 10 miles. 

The constant “grinding" of the edge of one tectonic plate past its neighbor is not 
in itself sufficient to explain the sudden release of energy during an earthquake. The 
theory coupling the relative movement between plates with the sporadic release of large 
amounts of energy in the form of earthquakes is known as the elastic rebound 

theory. The theory holds that an initially straight line perpendicular to the strike of 

the fault when the material is in an unstrained state, slowly warps as the plates move 
relative to each other. This warping causes a gradual buildup of strains in the material 
in the fault zone. This straining cannot continue indefinitely, for eventually the weakest 
rocks or those in the area of greatest strain will fracture. This fracture will be followed 
by an elastic rebound of strained material on either side of the fault, to its unstrained 

state. It is this rupture and subsequent rebound which is the immediate cause of 

earthquakes. On normal or reverse faults, this straining occurs in the vertical direction. 
After the earthquake, the two sides of the fault lock up again and further straining 
occurs. 

The majority of earthquakes are not accompanied by visible fault displacements- and 
the rupture and rebound occurs below the earth's surface. When the earth's surface 
does rupture, relative displacements up to 20 feet can occur. 

Seismically active regions in a global sense are apparent from the plot of earthquake 
epicenters. For the United States, a recent seismic risk map has been developed based 
on the distribution of these regions. This map (figure 5) gives the expected intensity 
of ground shaking in terms of effective peak acceleration. This can be thought of as 
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Contours indicate effective peak acceleration (expressed as a decimal 
fraction of gravity) that might be expected (with odds of 1 in 10) 
to be exceeded during a 50-year period. Linear interpolation 
between contours is intended. 


Figure 5: Effective Peak Accelerations (as a fraction of gravity) 
for the United States of America (after Reference 3) 











the maximum acceleration on firm ground that affects the behavior of sizeable bridges. 
Thus the effective peak acceleration ignores accelerations resulting from high frequency 
ground motion that have no impact on bridge response. The contours on the map 
indicate acceleration levels that are expected to be exceeded during a fifty year period 
with a probability of 10 percent. 


2.3 NATURE OF EARTHQUAKE MOTIONS 

The various types of waves that travel both within the earth and around its surface 
were described in Section 2.1. However, the interaction among these waves and the 
geologic strata were not discussed, it is this interaction, combined with the reflection 
and refraction of these waves by subsurface strata, that gives rise to the ground motion 
at a particular bridge site. 

The actual speed of travel for ail waves depends on the density and elastic properties 
of the material through which they pass. For granite, P waves travel at about 3.5 
miles/second, and S waves at about 2 miles/second. In most earthquakes, the P waves 
are felt first. Some seconds later, the S waves arrive with their vertical and horizontal 
motions. It is this wave motion that is particularly damaging to bridge structures. 

When body waves travel through layers of rock in the earth's crust, they are reflected 
and refracted at layer interfaces. When reflection or refraction occurs, some of the 
energy of one type of body wave is converted into waves of the other type. Thus the 
motion at a distance from the epicenter is a complicated mixture of the various types 
of waves. 

There is considerable evidence that earthquake waves are affected by both soil conditions 
and topography. For example, in weathered surface rocks, in alluvium and saturated 
soils, the amplitude of seismic waves may be either decreased or increased as they 
pass to the surface from more rigid basement rocks. Also, at the top or bottom of 
a ridge, shaking may intensify, depending on wave incident direction and wavelength. 

2.3.1 Prevalent Directions 

The total motion at a site during an earthquake is highly irregular. Two horizontal 
components and one vertical component are present in varying amounts depending 
on the site. Studies have indicated that "principal” axes exist for the horizontal motion, 
accelerations being largest when measured in the direction of the major principal axis. 
This axis is directed approximately towards the epicenter and is approximately constant 
in direction during the duration of strong shaking. Generally, vertical motions are less 
than horizontal motions and the time of occurrence of the maximum vertical movement 
does not necessarily coincide with that of the maximum horizontal movement. 

2.3.2 Frequencies and Spectra 

A recorded earthquake acceleration history may be decomposed into a series of 
sinusoidal waves each with a different amplitude and frequency. A plot of these 
amplitudes against the corresponding frequencies is known as a Fourier spectrum. High 
Fourier amplitudes in a particular frequency range indicate large amounts of energy 
in the earthquake within that frequency range. Typical earthquakes are rich in frequencies 
from less than 0.5 Hz to about 20 Hz. Vertical motions have higher frequency 
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components than do horizontal motions. 

a Jl e J^ ate . meth ? t d ° f characterizin 9 the energy content of an earthquake is to use 
S 6ffe ? a raP9e ° f Simple structures Called oscillators) with different 
anainit fr ® quenc,es of vibrat,on - If the maximum response for each oscillator is plotted 
g nst its frequency, the resulting curve is a response spectrum. This curve is 
also a measure of the distribution of energy with frequency for a given earthquake 

,Y, eS oppttnn S o 6 f tra T are used extensive| y In seismic design and are further discussed 
S J ° 3 4 ‘ u The res P° nse spectrum for acceleration for the El Centro (1940) 

earthquake is shown in figures 14 and 15. 

The amplitude of ground acceleration decreases with distance from the causative fault 

tH h '? h f r frequency com Ponents die out more rapidly than the lower frequency ones, 
so that frequency content is a function of distance from the fault. 

2.3.3 Long Period Waves 

rm h S ^ qreater than 300 miles) from major earthquakes, very long period 

This h° sec . oncls i surface waves may be experienced. The possibility for such waves 
should be evaluated on a case by case basis for sites where long structures on many 
supports are proposed. Long period waves could pose problems for this type of structure 1 . 
Different input motions at each pier may give rise to large relative deformations in 
the superstructure and various substructures. Bridges on tall piers may also be 
adversely affected by long period waves. 

J." rtl a T P, t- ° f dama9e that can be caused by unexpected long period waves is 
the destruction of an area of Mexico City by the Guerrero-Michoacan earthquake (1985) 

nf ml 0c . curred m,les from the city, off the coast of Mexico. The damaged area 
Cd L WaS bU "* ° n 3 , dra,ned ,ake bed that comprised very large deposits of soft 
mm J he dom '" ant P eriod of these deposits was about 2 seconds and these were 
e cited by the arrival of the long period 2 second waves from the distant earthquake. 

t! f< l CtS occurred which caused large ground movements (16 ins peak-to- 
peak) and which in, turn caused substantial damage to buildings with fundamental periods 
of vibration near 2 seconds (e.g. those in the 8-20 story range). 


2.4 EARTHQUAKE PROBABILITY STUDIES 

mm 6 ."/ 0 d f Ve, ° P a PP roqriate seis mic design forces, information concerning the 
p obabilities of occurrence of earthquakes with varying magnitudes in the region of 

m onHo T ?! examined. For most sites, this information is adequately contained 
r ® ,ated documents. However, for major structures or for sites with unusual 
geological features, site specific studies may be warranted. 

For seismically active regions, information on the frequency of occurrence of earthquakes 

rnm V n n ° US | i, m . a9n tUdeS iS avai,able from historical records. So too is information 
H 0 t ,ke f u max,mu ( m motions, and their frequency content. In areas with limited 

*® data ' the use of sound engineering judgement by experts in seismology and 
geotechnical engineering is required. 

trr' warn,n9 concemin 9 tbe use of results of probability studies must be made. 
Such results are only as good as the data upon which they were based. Reliable results 
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can be obtained from probability studies if the data base contains quality data in 
sufficient quantity. If such results are interpreted by experts, in light of general historical 
seismicity, meaningful conclusions can be reached. 

2.4.1 Magnitude-Frequency Relationships 

One of the most valuable studies is to determine the largest earthquake likely to occur 
near the site during the life of the structure being designed. 

To provide an answer, plots of frequency of occurrence versus magnitude can be 
constructed from historical data near the site. Several investigators have done precisely 
this, both for localized areas of high seismicity and for the world as a whole. 
Gutenberg and Richter [reference 12] proposed an empirical relationship between 
frequency of occurrence and magnitude which takes the form: 


log N = a - b M 

where N is the number of shocks of magnitude M or greater per unit time, and a 
and b are seismic constants that vary depending on the region's seismicity. These 
constants are derived by methods of statistics applying curve fitting techniques to 
observed data. 

Table 1 summarizes the frequency of occurrence of earthquakes of a particular magnitude 
on a worldwide basis. It is seen that more than a hundred thousand earthquakes 
of magnitude 3 or greater occur every year throughout the world. 


Table 1: Worldwide Earthquakes Per Year 
(from Reference 7) 


MAGNITUDE 

M 

AVERAGE NUMBER 
ABOVE M 

8 

2 

7 

20 

6 

100 

5 

3.000 

4 

15.000 

3 

More than 100,000 


2.4.2 Peak Ground Motions 

When determining peak ground motions at a given site for a given return period, the 
attenuation or decay of motion with distance from the fault is of prime importance. 
It is common to express the peak ground acceleration and velocity in terms of magnitude 
and epicentral distance or focal distance. The focal depth should be estimated from 
other earthquakes on the same fault or in the same region, and the epicentral distance 
should be measured perpendicular to the fault. There exist a great number of decay 
expressions, based on different amounts of data of different quality, from measurements 
all over the world. As might be expected, there is a very large scatter in the predictions 
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of the h scattGr 0n of hi ?h; * m T™ reCent °" es ' which 9 ive statistical evaluations 

ot the scatter of the data, should be used with confidence. 


In fact, large scatters 
apparent from different 


in peak acceleration as a function of epicentral distance 
sites in the same earthquake. 


are 


Perhaps the most broadly based relationship between magnitude, 
acceleration is that from the work of Donovan {reference 13]: 


distance and 


peak 


1080 e °- sM 

(R + 25) i - 32 (3) 


where a is the mean peak acceleration in cm/sec/sec. R is the focal distance in km 
'? the exponential constant (2.7183). The equation is for the mean of 678 
acceleration values of the Western USA, Japan and Papua New Guinea, and represents 
a conservative estimate of acceleration for sites with 20 feet or more of soil overlying 


Another attenuation relationship based on recent data is that of Esteva {reference 14] 

who gives the following expressions for peak ground acceleration, a in cm/sec/sec 
and velocity, v in cm/sec as: 


5600 e °- BM 
(R + 40) 2 


32 e M 
(R + 25) ™ 


(4) 


where e, M and R are as defined for equation (3). 


These two expressions are based on California data and are valid for focal distances 
greater than 10 miles. It should be noted that attenuation relationships are generally 
inappropriate for small epicentral distances (less than 10 miles). Sites in this reaion 
require special consideration, because the state-of-the-art is still rather limited. 


If equations (3) and (4) are plotted, families of curves are obtained 
earthquake magnitudes which relate peak acceleration to focal distance, 
of such a set of curves is shown in figure 6. 


for various 
An example 


The prediction of peak ground displacement is not as reliable as that for acceleration 
o velocity. This is because displacements are usually calculated from a double 
integration of the acceleration trace and are subject to numerical errors. However 
a rough estimate of ground displacement may be made from the empirical relationship 
of Newmark and Rosenblueth {reference 15]: ” 


5 


ad 


< 15 


(5) 


where d is the 
acceleration, a 


required displacement (units must be consistent with those used for 
and velocity, v). The lower bound for this non-dimensional ratio (5) 
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PEAK HORIZONTAL ACCELERATION, 



CLOSEST HORIZONTAL DISTANCE FROM ZONE 
OF ENERGY RELEASE, mi 


Figure 6: Average Values of Maximum Accelerations in Rock 

(from Reference 16) 
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Distance from Causative Fault-miles 


Predominant Periods CTp) for Maximum Accelerations in Rock 
(from Reference 16) 


Figure 7: 





hn„ a n P rt Pr n P ^ ate f ° r lar9e epicentral distances (greater than 60 miles) and the upper 
bound (15) is appropriate for small distances. 

2.4.3 Frequency Content 

!" JliTin" tho p f a n k m0ti0n parameters ' the frequency content of the motion 

S ntln 2 th ?, tUdi I ° f bnd9e response t0 earthquakes. It is thought that frequency 

mot on' itT^in ° °f e ? th ® ® p,center - is a faction of the type of rupture initiating 
motion, it is also a function of magnitude. 

T! 1 ®'® is f dis *? ct tendenc y for the predominant period of the motion to lengthen with 
distance from the epicenter. This is caused by shorter period motions decaying more 
rapidly with distance than long period motions. This effect is shown graphical)/ in figure 

While the predominant period is a function of distance from the fault, the frequency 
content in general is also a function of the geologic structure of the site. Generally 
sites with softer materials will have motions containing more long period components 
than will sites with stiffer materials. " 


2.5 DESIGN EARTHQUAKE 

£ e j!.® m S !S12, f r,hq “ ake is . usuall >' de " neq I" <erms of a design spectrum. This can 
be estimated from the maximum ground motion parameters, together with some knowledge 

°u° a conditions. However, it is important to realize that the amount of 
de a. ed knowledge of future earthquakes implicit in a design spectrum is limited, and 
not to be misled about the current state of understanding of earthquakes. 

As discussed in detail in section 3.4, design spectra consist of a set of curves, each 
a function of structural period or frequency, with one curve for each indicated value 
of structural damping. It is important to recognize the distinction between a response 
spectrum and a design spectrum. A response spectrum is a set of jagged curves 
one for each specified value of damping, giving some maximum response as a function 
of period for a given ground motion. The design spectrum on the other hand, is used 

i°nH SP H eC,fy « the . l6Vel ° f se,smic desi 9" force or displacement as a function of period 
and damping It represents response to a range of possible earthquakes at a particular 
bridge site. It does not represent structural response to a single earthquake. 

The shapes of design spectra are sometimes determined by smoothing a response 
spectrum of a recorded event, or by averaging the response spectra of several similar 
recorded events. In other cases, the determination of the shape of the design spectrum 

1™°^ C0 ™ P ex ‘ for , the desi 9 n spectrum may have to reflect the shaking potential 
from different types of earthquakes. For example, in an area with one major fault and 
several lesser ones, the short period portion of the spectra may be governed by close 
earthquakes with lower magnitudes, while the long period end would be controlled by 
a major event on the (more distant) major fault. y 
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2.5.1 Local Geology and Soil Conditions 

In order to specify consistent levels of structural capacity for structures having different 
natural periods, the design spectra should reflect the relative intensities of ground motion 
expected at different frequencies. Several sets of standard spectral shapes have emerged 
over the years, as a result of many different studies. Typically, only the overall amplitude 
is changed from site to site, the spectral shape remaining constant. 

The following local geological features can affect site response. 

• dimensions of soil deposit overlying bedrock 

• slope of bedding planes and of sedimentary deposits 

• changes of soil types horizontally across a site 

• topography of both soil and bedrock 

• ridges 

• potential for liquefaction 

• soil types and conditions of deposit 

The effect of soil type on acceleration spectra is discussed in further detail in chapter 
6. Figure 57 of section 6.2 shows that higher accelerations are generated in medium 
period structures on softer soils. For example, a bridge with a fundamental period 
of 1.0 sec will experience a four-fold increase in acceleration if moved from a rock 
site to one on soft clay. 

One problem that frequently arises is how to adjust the design spectra to take account 
of possible influences of local geology and soil conditions. The most important point 
to remember is that it is not generally justified to spend a large effort in tailoring 
the shape of the design spectra to fit a given site. Where this effort is warranted, 
standard shapes are generally used as the starting point and minor deviations from 
these yield site-specific spectra. 

Usually, detailed field data concerning the effects of local conditions are not generally 
available, and in these circumstances, ground motions at some depth (bedrock or firm 
soil) are estimated and then propagated up to the surface using computer modelling 
techniques. However, results from such analyses should be used with caution for they 
can be very sensitive to the assumed soil properties and the motion at depth. Generally, 
they should be used as secondary guides to support observations rrjade in recorded 
accelerograms from similar geologic and seismologic conditions. The observed behavior 
should be used as a primary guide in reshaping spectra for a site-specific application. 
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CHAPTER 3 BASIC DYNAMICS 


Dynamic loads are loads that vary with time. Structural dynamics is the study of 
structural response to these loads. Bridges are subject to several kinds of dynamic 
loads ranging from wind and vehicle effects to earthquakes. Response to these V loads 
can be markedly different to that under static loads and indeed bridges that have 

l^^agnitude 510001 Stat ' C ,0adS COllapsed under d y nam 'c loading of similar or 

I? e th« 8 H 8ntial ■ dif , fer ! nce between static and dynamic loads is the time varying nature 
of the dynamic loads. If the frequency content of the applied load is close to the 
requency of vibration of the bridge, the structure will amplify the loading and large 
and potentially destructive forces will be generated within the bridge. Essentially 
problems arise when frequency matching occurs. This is the basis of all resonance 

K.n2I e t na ' ♦ ♦ ? !^ hiCh iS apP ' ied Very slowly causes ^sponse which is virtually 
identical to .static loading. On the other hand, cyclic load which is applied very rapidly 

i.e. with high frequency) has negligible effect on a structure. Amplification of load 
(sometimes also known as response magnification) only occurs when the rate of 
application (frequency) of load is near one of the natural frequencies of one of the 
modes of vibration for the bridge. Different bridges will therefore respond differently 
to the same load because their natural frequencies will be different. Since typical 
highway bridges vibrate with frequencies in the range 0.5 to 20 Hz and typical 
earthquakes have the same frequency content (section 2.3.2). there is a very real 
possibility that frequency matching will occur between a bridge and the ground during 


It is clearly important to be able to analyze a bridge for dynamic loads and the intent 
of his chapter is to outline basic principles of bridge dynamics. Rigorous treatment 
of the subject rapidly becomes mathematically complex and today there are several 
computer programs which take care of these complexities. However, a physical 
appreciation of bridge dynamic behavior cannot be obtained from the use of computer 
software or from the pages of an applied mathematics text on differential equations. 
Instead, the study of simple models, which approximate the behavior of actual bridges, 
is recommended. Equilibrium equations become equations of motion from which natural 
frequencies may be calculated and member forces and deflections may be estimated 
The primary factors influencing response (weight, stiffness and damping) are more 
easily identified from these models but their limitation must also be clearly understood. 
Consequently, some background in engineering mathematics is necessary and, in fact 
it is assumed in the treatment given below. 


If more detail is required in these areas, several good textbooks are available for 
example, references 17, 18 and 19. 
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3.1 BRIDGE MODELLING 

Bridges are assumed to respond to earthquake loads in one of two horizontal directions: 
transverse and longitudinal (span-wise) respectively. Response in the vertical direction 
is usually ignored for simple bridges provided restraint against relative vertical movement 
is considered at the detail design stage. Actual seismic response will probably be in 
a direction somewhere between these two principal horizontal directions and to account 
for this possibility, combination of response from each direction is recommended. 
For the present, it Is sufficient to consider behavior in one or the other direction 
assuming no interaction. 

The simplest of all bridge models is the single mass model restrained by an elastic 
spring. In this model, the mass is assumed to have one degree of freedom: Le¬ 
tt can move in only one direction. This assumption is reasonably accurate for the 
longitudinal response of straight continuous bridges. However, its reliability for transverse 
behavior is conditional on several factors and it may not be satisfactory for complex 
bridges. Nevertheless, for typical highway structures, the single degree of freedom 
(sdof) model is sufficiently accurate for design purposes, especially if care is taken 
with the selection of the equivalent mass and stiffness parameters. The limitations 
on this sdof model and the analysis of complex bridges is discussed in section 3.5. 

3.1.1 Example Bridge 

To illustrate the spring-mass model a bridge example is shown in figure 8a. The 
two-span bridge has seat-type abutments with sliding bearings to permit longitudinal 
movement but the superstructure is monolithic with a multi-column bent. Transverse 
shear keys are provided at each abutment to prevent transverse movements across 
the abutments and to lock the superstructure to the abutments in this direction. The 
abutments and the foundation structure below the pier are all assumed to be rigid 
in both directions. 

3.1.2 Longitudinal Model 

Figure 8b shows an elevation of this bridge and its equivalent spring-mass system. 

The mass. Ml. represents the total mass of the superstructure and perhaps a portion 
(one-third) of the mass of each column. 

Usually the superstructure is the heaviest component in a bridge, by a wide margin, 
and for the purpose of these simplified models it is common to neglect the mass 
contributions from other components. 

The longitudinal movement of the superstructure mass, d. becomes the displacement 
degree-of-freedom of the spring-mass system. 

The spring constant (stiffness, Kl) is given by the sum of the stiffnesses of all the 
structural components effective in this direction. Since free sliding is presumed to 
occur at the abutments, only the columns contribute to Expressions for column 

stiffness for different end conditions are summarized in figure 47. 
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120 



span lengths (both) 
dual column bent height 
l c . moment of inertia 

(each column, both directions) 
dead load (superstructure) 
l s . moment of inertia (superstructure) 
E. elastic modulus 


120 ft 
30 ft 

25 ft 4 
7 K /ft 
4000 ft 4 
432,000 Ksf 


(a) Geometry and Properties 


Figure 8: Basic Bridge Dynamics, Bridge Example 
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d 



stiffness in longitudinal direction 

= stiffness of bent (only) = 2(12)El c /h 3 = 9600 K/ft 

= total mass of superstructure = 7(240)/g = 1680/32.2 Ksec 2 /ft 


(b) Equivalent Model for Longitudinal Response 





equivalent stiffness in transverse direction 
equivalent mass in transverse direction 


(c) Equivalent Model for Transverse Response 


Figure 8: Basic Bridge Dynamics. Bridge Example (continued) 
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3.1.3 Transverse Model 

Figure 8c shows a plan view of the bridge and its equivalent spring-mass system. 

The effective mass. M T . appropriate to this model needs to be calculated according 

!° t ^ K l T ,ethod 0f analys,s used - u can ran 9e ^om the total superstructure mass to 
the tributary mass appropriate to each pier as discussed below for each of the methods 
of analysis. 

The transverse movement of this effective mass. d. becomes the displacement degree- 
of-freedom of the spring-mass system. y 

Since the abutments are both assumed to be perfectly rigid (infinite lateral stiffness) 
the superstructure does not displace as a rigid body (as in the longitudinal case) but 
ratner deflects as a beam spanning from one fixed abutment to the other. 

The lateral stiffness. K T . is then a combination of the in-plane flexural stiffness of 
he superstructure and the lateral stiffness of the columns. Various means are used 
to determine this effective stiffness and some of these are described below. 

The first and simplest is to neglect the continuity in the superstructure altogether and 
assume each bent and each abutment acts independently of each other. The total mass 
of the superstructure is then divided up into discrete concentrated masses lumped 
above each pier or abutment according to the tributary length of the superstructure. 
This idealization gives the model the appearance of a number of lollipops standing 
in line (large concentrated masses supported on flexible piers) and is the basis of 
the so-called lollipop method. In this case M T is given by the tributary mass and 
K T is just the lateral stiffness of the bent acting alone. This model will clearlv 
underest'mcate the lateral stiffness of the bridge because it neglects the inplane bending 
stiffness of the deck. It therefore has limited application. The method was 
recommended in the earlier editions of the AASHTO Standard Specifications but it has 
now been replaced by the more realistic uniform load method. 

The uniform load method calculates a value for K T by applying a uniform lateral load 
(w) to the bridge and finding the maximum deflection (A). 


Then: Ky = ^L/A 

where L is total length of bridge. 


(6) 


The analysis for this load case includes all structural members contributing to the 
lateral stiffness and foundation effects when these are known. Such a calculation may 
require a computer program for solution, especially if the structure is at all complex 
But for the above bridge example it is possible to perform the analysis by hand using 
the superposition of load cases to obtain the desired result. The equivalent mass 
M T . to be used in the uniform load method is assumed equal to the total 
superstructure mass as in the longitudinal direction. This method is recommended 
in both the AASHTO and CalTrans Standard Specifications [references 1 and 2J. 

In one refinement to the uniform load method, the transverse mode shape is used 
to obtain the equivalent lateral stiffness. In the so-called generalized coordinate 
method, this mode shape is assumed to be given by a half sine wave and the mass 
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distribution is again approximated by lumped values at each bent position. The validity 
of the assumed mode shape is dependent on the ratio of stiffnesses between the 
substructures and superstructure (defined as a stiffness index). If the superstructure 
dominates the stiffness, the method can give better results than the uniform load method. 

Probably the most accurate of the equivalent static force methods is the single 
mode spectral analysis method recommended in the AASHTO Guide Specifications for 
seismic design [reference 41. It uses the uniform load technique to generate an 
approximate mode shape and is therefore not as dependent on the stiffness index for 
accuracy. The actual mass distribution is also used in this method which generates 
a more realistic value for the equivalent mass. My. It ensures more accurate values 
for member forces which are calculated from the seismic coefficient and period of 
vibration. This method is described in detail in chapters 7. 8 and 10. 


3.2 EQUATIONS OF MOTION 

3.2.1 Undamped. Free Vibration 

Given an equivalent model for the bridge structure, it now remains to write the equation 
of motion and solve for displacement and frequency. As figure 9a illustrates, equilibrium 
is used to obtain the desired equation which takes the form of a second-order 
differential equation in displacement. This may not be obvious from the boxed equations 
in figure 9a because of the notation used for acceleration and displacement. However, 
if x is substituted for d. then velocity (which is the rate of change of displacement 
with time) is given by dx/dt and acceleration (which is the rate of change of velocity 
with time) is given by d 2 x/dt 2 . If these first and second order derivatives are 
expressed as x and x respectively, the equilibrium equation in figure 9a becomes 

Mx + kx = 0 (7) 

which is clearly an equation in x, the displacement variable. 

To complete the solution, initial boundary conditions must be specified, giving a harmonic 
expression for displacement. The period of vibration is then shown to be: 

T = 277 y/WK (8) 

3.2.2 Damped. Free and Forced Vibration 

So far in this discussion, damping has not been considered. However all structural 
systems exhibit damping to varying degrees and its effect on dynamic response is 
generally beneficial. Structural damping is assumed to be viscous by nature, which 
means that damping forces are directly proportional to velocity. If the damping 
coefficient, which relates force to velocity, is sufficiently large, it is possible to totally 
suppress the oscillation of a spring-mass system. The minimum value of this coefficient 
that just prevents oscillatory motion, is called the critical value. A convenient measure 
of damping is then possible by comparing actual values of the damping coefficient 
with this critical value. This ratio is frequently expressed as a percentage and typical 
values for bridge structures fall in the range 2 to 10 percent. Although these might 
appear to be small values, they are nevertheless very important in controlling peak 
displacements and forces, especially near resonance and for bringing a bridge to rest 
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FREE-BODY DIAGRAM FOR MASS 



EQUILIBRIUM REQUIRES 


F, + F s = 0 


where 


and 


F| = inertia force (reluctance of mass to accelerate 
and acts to oppose motion) 

= mass x acceleration 
= M.a 

Fg = spring force 

= stiffness x displacement 
= K.d 


Substitution gives 

Initial conditions must now be specified 


Ma + Kd = 0 


For example, if at time t = 0. d = D (initial displacement) 
then solution to equation of motion will be: 


where 


d = Dcospt 

p = natural frequency of vibration (in radians/sec.) 


= /ivM 


THEREFORE 

1. period of motion is given by 



velocity v - -pDsinpt and acceleration a = -p 2 Dcospt 

maximum velocity = p x maximum displacement 

maximum acceleration = p 2 x maximum displacement 


Figure 9a: Equations of Motion for Free Vibration of a Single Mass 
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FREE-BODY DIAGRAM FOR MASS 


EQUILIBRIUM REQUIRES 


F, + F D + F S = ,<0 


where F ( = Inertia force = Ma 

Fp = damping force = damping coefficient * velocity = cv 
F s = spring force = Kd 


Substitution gives 


Ma + cv + Kd = f(t) 


Initial conditions and the forcing function must now be specified 
FOR EXAMPLE: 

f(t) may be a harmonic load applied directly to the mass 
then f(t) = Fsinwt 

where F is the amplitude (maximum value) of the force 
and u is the frequency of the forcing function (radians/sec.) 

or f(t) may be a harmonic load induced by harmonic base excitation 

then f(t) = “Mag = -MAgSinwt 

where a g is the base (ground) acceleration 

Ag is the amplitude of base acceleration 

w is the frequency of ground movement (rads/sec.) 

or f«) may be any other periodic or random function of time 


Figure 9b: Equations of Motion for Forced Vibration of a Single Mass 
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UNDAMPED 


FREE VIBRATION 


v{t) = p cos {cot - 0) 

T = 277 


/ 


M/K 


where p and 9 are given by initial 
release conditions 


FORCED VIBRATION 

(a) harmonic load applied 
directly to mass 


i.e.. p(t) = p 0 sinwt 

(b) harmonic base excitation 

i.e.. pCt) = -Mv'g 

= ~MVg 0 sincDt 

(c) nonperiodic load 

p(t) = p(T) at time t = r 


assume ”at rest" initial conditions 

then solution is 


<t ) = 


_ Po 


k 1 - p- 


(sin cot - P sin cot) 


assume "at rest" initial conditions 
then solution is 

■w* 2 ,. 

--— (sin cot - P sin cot) 


v(t) = 


assume 

then 


*0 = 


"at rest" initial conditions 
solution is (Duhamei's integral): 

1 ■ ^ . 

p(z) sin co(t - z) dz 
o 


mco 


NOTATION ~ -- 

(McGraw-Hill “ 1975 !" 'WT*- ' S ** ° f C, ° U9h a " d Penzien: D ^ amics of Structures 

iMCGraw Hill. 1975). The equivalent notation used in this Manual is as follows: 


Above Table 

Definition 

This Manual 

e 

frequency ratio 

r 

9 

phase angle 

not used 

£ 

damping ratio 

n 

P 

maximum displacement 

D 

U 

natural frequency of bridge 

P 

t*»D 

damped natural frequency of bridge 

not used 

CJ 

frequency of forcing function 

CJ 

---■-•- l 

(a) Undamped Systems 


Figure 10: Solutions to Equations of Motion for Single Masses 



DAMPED 



FORCED VIBRATION 

(a) harmonic load applied 
directly to mass 

i.e.. p(t) = p Q sinCt 


(b) harmonic base excitation 

i.e.. p(t) = -M'v'g 

= -Mvg 0 sin3t 


(c) nonperiodic load 

p(t) = p(T) at time t = r 


v(t ) = pe cos ( a> D t - 0 ) 


where p and 0 are given by initial 
release conditions 


assume initial transient terms have 
been damped out 
then steady state solution is 

t>(0 = P sin (ait - 0 ) 

p = £2 [d - p 2 ) 2 + (2£/?) 2 r ,/2 

\ = tan--M_ 

1 - P 2 

assume initial transient terms have 
been damped out 
then steady state solution is 

v (t) = p sin (cot — 0 ) 


p = D = v g0 P 2 D 

k 

D = —= [(1 - p 2 ) 2 + (2/J£) 2 r ,/2 

Polk 

assume “at rest” initial conditions 

then solution is (Duhamel's integral): 

v(t) = —— f p(T)e~ i0>(, ~ r) sin ca D (t - x) dx 
tn<o D Jo 



(b) Damped Systems 


Figure 10: Solutions to Equations of Motion for Single Masses 

(continued) 
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at the end of an earthquake. Since the frequency of vibration of a damped system 
is only slightly different from an undamped system, it is usual to neglect damping 
in frequency and period calculations unless it exceeds about 20 percent. 

Equilibrium is again used to analyze the response of a damped structure by the 

introduction of the damping force into the equilibrium equation. This is illustrated in 

figure 9b. 

If, instead of vibrating freely, the spring-mass system is forced to vibrate by a time 
varying external force, this force may also be included in the equilibrium equation, 
as shown in figure 9b. The forcing function may be applied directly to the mass 
itself or be generated by base excitation (the earthquake situation) but in either case 
the formulation of the equation of motion is the same. 

Solutions to the equation now depend on the nature of the external force. If harmonic, 
then rigorous closed-form solutions are available Ireference 17J and these are 

summarized in figure 10. 

Before leaving this section on equations of motion it is worth noting that solutions 
for nonharmonic toads exist and are described in numerous textbooks such as reference 
17. The most common formulation is called Duhamei's integral and this solution is 
also given in figure 10. Evaluation of the integral is rarely possible in a closed form, 
but numerous computer algorithms have been developed to perform this calculation. 


3.3 PERIOD OF VIBRATION 

The term natural frequency is used to mean the frequency at which a bridge will vibrate 
freely, without being forced in any way. Free vibrations, as they are often called, 
are most commonly measured or calculated by initially deflecting the structure, releasing 
it to vibrate without interference, and recording the time it takes for the bridge to 
complete a given number of cycles. The number of cycles per unit time is then a 
measure of the natural frequency. The reciprocal of frequency is the time the bridge 
takes to complete one cycle of vibration. Called the period of vibration, this interval 
of time is used more commonly than frequency to describe a vibratory motion or a 
bridge's response to excitation. Equation (8) may be used to calculate this period for 
any vibrating system, including a bridge structure. 

Figure 11 summarizes the periods of vibration for the example bridge. These have 
been calculated using equation (8) and substituting appropriate values for mass and 
stiffness. It is seen that the period in the longitudinal direction is longer than the 
transverse period because of the lack of abutment restraint in this direction. It will 
also be seen that, for this example, there is negligible difference in the various 
estimates for transverse period. Each method gives a similar value for the period 
but this is not generally true for all bridges since, as noted earlier, the relative 
contributions of stiffness (from the superstructure and substructure) affect the accuracy 
of the various methods. 

The influence of pier height and superstructure weight on the period is also illustrated 
in figure 11. It is seen that as the pier height increases from 30 ft to 60 ft the period 
increases by almost a factor of 3. This is because the taller piers are considerably 
more flexible and these bridges have longer periods due to their inherent flexibility. 
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DIRECTION AND METHOD 

M 

K 

PERIOD 

longitudinal 

1680/g 

9600 K /ft 

2n /l 680/(32.2) (9600) = 0.46 secs 

transverse 




l. lollipop method 

840/g 

9600 

277 /840/(32.2) (9600) = 0.33 secs 

2 . uniform load method 

1680/g 

24.960 

277 /l 680/(32.2) (24960) = 0.29 secs 

3 . generalized coordinate method 

840/g 

15.600 

27 7 /840/(32.2)(156000) = 0.26 secs 


(a) Results for Example Bridge in Figure 8 


30 ’ 


□ 


40 ’ 


c 


mm 

\ 


60 ’ 


c 


ZD 


MASS. M t 
(K sec 2 /^) 

\ STIFFNESS. K t / 

(K/ft) fr 

9600 

(h = 30) 

4050 

(h = 40) 

1200 

(h = 60) 

13.045 

.232 

.357 

.655 

26.090 

.328 

.504 

.926 

52.180 

.463 

.713 

1.310 

Units: Pe 

Hod in seconds; Pier height Ch) in feet 


(b) Results for Different Column Heights and Superstructure Mass 


Figure 11: Periods of Vibration for Different Bridges 
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Flexibility may be increased, and the stiffness reduced, by a variety of means which 
include (in addition to increasing the height), reducing the pier cross section and 
changing the structural type (from a bent to a single column for example). Conversely, 
bridges with stiff piers will have shorter periods, as will be the case for short-to-medium 
pier heights, heavy column cross sections and for wall and multicolumn bent piers. 

A heavier superstructure also responds with a longer period as shown in figure 11. 
It is seen that a fourfold increase in weight will increase the period by a factor of 
two. 

One inescapable conclusion from figure 11 is that light, stiff bridges have short (low) 
periods of vibration and respond to excitation swiftly with high frequency vibration. 
On the other hand, heavy, flexible bridges have long periods of vibration and respond 
to excitation sluggishly with low frequency vibration. 


3.4 RESPONSE SPECTRA 

Earthquakes subject structures to time-varying forces which, in turn, produce time-varying 
displacements and stresses within these structures. 

From a design viewpoint, only the maximum value of displacement and stress is of 
interest—the variation with time of these quantities is of little consequence. For survival 
the structure must withstand the peak value whenever that may occur. Therefore an 
engineer need only know this one magnitude to successfully design a bridge and this 
information is made available in the form of response spectra. 

It was observed In section 2.3.2 that it is possible to generate curves which give peak 
displacements for any structure subject to a given earthquake. These curves are called 
response spectra because they give the response (e.g.. maximum displacement) of a 
wide spectrum of structures as defined by their frequency (or period) and damping 
ratio. 

A useful introduction to this concept and to the immense value of these spectra can 
be obtained by first considering response spectra for bridges subject to simple harmonic 
motion. 

3.4.1 Response Spectra for Harmonic Excitation 

Although real earthquakes are not harmonic or even periodic, a very important concept 
can be developed from the results for harmonic base excitation (figure 10). For 
example, if the expression: p = Vg 0 £ 2 D (figure 10) is rewritten in the notation of 
this Manual and slightly rearranged, it becomes: 

D / Dg = r 2 / v/(l-r 2 ) 2 + (2nr) 2 (9) 

where r is the frequency ratio (=w/p) and n is the damping ratio. Then if D/Dg 
is plotted against r, figure 12 is the result. 

The vertical axis of this figure gives the peak displacement D of a single degree-of- 
freedom system (when subject to a sinusoidal earthquake of peak displacement Dg 
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Consider the example bridge (Figure 8) to be subjected to a harmonic base motion of amplitude 
0.75 inches and frequency 3.5 Hz. 


The above Response curves can be used to calculate the maximum displacement in the bridge. 

STEP 1: Assume period of bridge Is 0.3 seconds and 

calculate frequency ratio, r. 

Natural frequency of bridge (p) = 2ir/T = 20.94 rads/sec 

Natural frequency of ground (<j) = 2tt (3.5) = 21.99 rads/sec 
therefore r = w/p = 21.99/20.94 = 1.05 

STEP 2: Assume 10% equivalent viscous damping in the bridge, 

then for r = 1.05 and n = 0.10. 
the Response Magnification Factor D/D g = 4.72 

STEP 3: Maximum displacement. D = 4.72 D g 

= 4.72 (0.75) 

= 3.54 inches 

For comparison of performance, the Table below summarizes the responses of 6 bridges subject 
to the same sinusoidal motion. The bridges have periods of 0.3, 0.5 and 0.9 seconds and damping 
ratios of 2% and 10%. The sinusoidal motion Is that used above (0.75 inches amplitude at 3.5 
Hz). 


Damping Ratio (n) 

0.02 


0.10 


Period CD 

seconds 

.3 

.5 

.9 

.3 

.5 

- 9 

Frequency (p) 

rads/sec 

20.94 

12.57 

6.98 

20.94 

mmM 

6.98 

Frequency ratio (r) = 21.99/p 


1.05 

1.75 

3.15 

1.05 

■Q 

3.15 

Magnification factor (D/D g ) 


9.95 

1.48 

1.11 

4.72 

mm 

1.1 1 

Spectral displacement (D = S^) 

ins 

7.46 

1.11 

.83 

3.54 

1. IU 

.83 

Spectral velocity (S v = p.S^) 

ins/sec 

156.3 

13.95 

5.81 

74.13 

13.76 

5.81 

Spectral acceleration (S a = p 2 .S<j) 

ins/sec 2 

3272 

175.4 

40.56 

1552 

173.0 

40.56 

Spectral acceleration (S a ) 


8.47g 

■45g 

log 

4.02g 

-45g 

• 10g 


Figure 12: Displacement Response Spectra for Sinusoidal Base Motion 
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?horIlo qUe !L Cy ^ ' n t6rms 0f its natural frequency p for a range of damping ratios. 
Therefore this figure can be used in one of two ways: 

either it will give the response (D) of a range of different single degree-of-freedom 
systems to the same sinusoidal earthquake (D g , w fixed) 

or it will give the response (D) of one single degree-of-freedom system (p. n 

fixed) to a range of different sinusoidal earthquakes. 

Note that to use these curves, the only information required to describe the structure 
is its frequency (or period) and its damping ratio (n). Actual values of mass, stiffness 

pa?thn^ Pm9 Coeffic,e . nt are not squired. Furthermore, these artificial sinusoidal 
earthquakes are completely described by peak ground displacement and frequency. 

Figure 12 gives art example of the use of these response curves to predict the behavior 
b h m 6S m K C,uding the exam P |e bridge of section 3.1.1) to sinusoidal ground motion 

Zen, t, anr^o h p V e:=e P n. n0dS °' °' 3 - °' 5 ^ °' 9 « 2 

wh!fn S tht n f that damping alwa V s reduces the response but that its effect is greatest 
when the frequency ratio is close to unity. For the 0.3 second bridge, this ratio is 
1.05 and an increase in damping from 2 to 10 percent, reduces the maximum 

inches C6ment ^ m ° re tha ° 3 faCt0r of tw o--from almost 10 inches to about 4-3/4 

Also demonstrated in this table is the reduction in response as the period of the bridge 
moves away from the period of the ground motion (0.29 seconds), i.e. as the frequency 
ratio increases above 1.0. Resonance effects are evident when the frequencies (periods) 

J h,S IS a,S ° ~ 

°i the 3b0Ve US6S ° f the S3me Set 0f curves invo,ve the determination 
of response for a range or spectrum of different circumstances, it now becomes clear 

dSnl if® CUrV t S . are Ca " ed “ response spectra." They would be extremely useful in 
design if sinusoidal earthquakes of constant amplitude and frequency, were encountered 

tn Thp 8 H h f Va US °l th6Se spectra for Predicting maximum dynamic response led 

UJL deve, ° pment °l simiiar curves for real earthquakes, as described below, and 
these have become the basis of modern seismic design. 

Figure 12 is in fact a displacement spectrum for a sinusoidal earthquake. It is also 

possible to generate similar curves which give peak accelerations and peak velocities 

°lj^ USOlda c^tbquakes and these are called acceleration and velocity response 

n re f! ? V ' H ? W6ver - these other s P ectra have not been plotted here because 
of the limited interest in sinusoidal earthquakes. 

3.4.2 Response Spectra for Earthquake Excitation 

To generate spectra for real earthquake time histories, Duhamel's integral is commonly 
used and maxima values recorded and later plotted against frequency (or period) and 
damping ratio. Because there is no closed-form solution to the integral equation each 
p omt on each curve in the spectra is computed numerically. A very large number 
of calculations are required for this process and the first spectra were calculated using 
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analog computers, 
curves. 


Today the digital computer is routinely used to generate these 


he nurner caiprocess b y which these spectra are calculated is illustrated in figure 

luhio ♦ H 9 0 de 9 ree -° f - fr eedom structure with period. T. and damping ratio, n is 
subjected (numerically) to a given earthquake time history. In figure 13 the NS 
component of the 1940 El Centro earthquake is used to excite a hridoe with a period 
h jnrtfphfh 0 a f Pd 2 per ^. ent dam P ,n 9 ratio. Duhamel's integral is evaluated at. say P 0 ne- 
f 7 h S6C0n mtervals throughout the duration of the earthquake, giving a 
complete time history of displacement, velocity and acceleration of the mass. These 
time histories are scanned and the maximum values saved (2.48in in figure 13) The 

arro.T d T r ° f ^ , reCOrd iS discarded ' Th( >se maximum values of displacement 
acceleration and velocity are then plotted against period and damping ratio, giving 

one point on each of the three spectra. The whole process is then repeated for 
In ffmirlT^th <P6ri< I d and dam P ,n 9 ratio) and another point plotted on each spectra. 

in ToJ 3 h on nayS ® ° f two further bridges is illustrated. These have periods 
MaJ-m sec . and 20 sec respectively. The damping ratio is maintained at 2 percent 
Maximum displacements of 6.61 ins and 8.84 ins are obtained and plotted agafnst 

o' conTtm^t 01 !hp 9 peri0ps - The P roceclu re is continued until there are sufficient points 
o construct the required curves. To obtain accurate spectral curves several hundred 
s uctures may need to be analyzed in this way, which implies a substantial amount 

of (merest Urthermore ' new s P ectra need t0 ba produced for each earthquake 


No two displacement (or velocity or acceleration) response spectra are identical since 
each earthquake is itself slightly different in amplitude and frequency content. 


However, there are certain trends which have been observed as follows: 


acceleration spectra tend to reach a maximum at about a period of 0.5 
sec., then steadily reduce with increasing period 


velocity spectra also tend to reach a maximum at about a period of 0.5 
sec., but then remain constant with increasing period 

displacement spectra show steady increases up to periods of 3 seconds 
but then are expected to remain constant; reliable experimental confirmation 
in the long period range is not yet available. 


Figure 14 shows the acceleration response spectra for the 1940 El Centro earthquake. 

SP< !? tra '* !f possible to determine the maximum acceleration that the example 
bridge in section 3.1.1 would have had to withstand to survive the El Centro earthquake. 

Assuming 2 percent damping and a period of 0.5 secs, the peak acceleration is a 
Httle under Ig. This means that at some point in time during the earthquake the 
bridge would have been subjected to a horizontal acceleration of lg. This is equivalent 
o its full weight acting horizontally. Since it is generally uneconomic to design a 
bridge to withstand a horizontal force equal to its self weight, damage to the 
substructure is to be expected. However, as soon as the structure starts to deteriorate, 
its stiffness drops, its natural period lengthens and possibly its damping increases due 
to inelastic deformation. H a & uue 
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^ . 9 ® nera ' trencl of acceleration spectra to decrease with increasing period 
this longer period is beneficial to the structure because less load is now induced 
For example if the period should shift to 1.5 secs, it can be seen from figure 14 
that the peak acceleration reduces to about one-quarter (0.25g) of its previous value 

6 tot ! < r 0,lapse p° tential of the structure is therefore reduced, but it will be damaged 
as a result of the initial, very short period. y 

Figure 14 also shows the response of two bridges with periods of 1.0 and 2.0 seconds 
p eak accelerations are 0.6g and 0.2g respectively (assuming 2 percent damping) 
showing the general trend for reduced accelerations with Increasing period. Because 
the spectra are comprised of jagged lines and not smooth curves, apparent anomalies 
are possible m the results from these curves. For example, a bridge with a period 

at 5 <ir CS thP * 2 f erC t? nt dampins wHI alS0 experience °- 6 9 peak acceleration whereas 
at 0.9 sec the acceleration is higher at 0.8g. This is due to a local "valley" in the 

2 percent spectra at just this period. Consequently response spectra for design 

purposes are smoothed to remove these local discrepancies, so that slight changes 

in period do not give overly favorable or unduly conservative estimates for acceleration. 

^nfJim 0 n! Udy °! Duhamel ' s ' nte 9 ra l will show that the acceleration, velocity and 
h th spectra are not independent for a given earthquake. Rather, they are 

linked by the natural frequency, p. of the vibrating system. Y 

If Sg. S v and S d are defined as the maximum value of acceleration, velocity and 

f0r 3 9iVen StrUCtUre and 3 9iven earth9uake - « * 


s a - P 2 S d 
and S v = pS d 


(10) 


Infi 6 /'ll 66 . quantities are ca,,ed spectral acceleration, spectral velocity and 

d '® plaCe " 1 ? nt res P ecti vely and if the frequency term p is replaced by 2 tt/T 
these equations take the alternative form: H y ' 


s a = 477 2 S d /T 2 and S v = 27rS d /T. (11) 

This interrelationship permits all three spectra to be plotted on the same graph using 
tripartite axes and logarithmic scales, as shown for the El Centro earthquake ?n figure 

JuinJ f?®, 8 , 116 J° alS ° determine the maximum displacement for the example 
bridge (section 3 1.1) and its maximum velocity, if subjected to the El Centro earthquake. 
Assuming elastic behavior (no damage) and a period of 0.3 secs., the peak 
d.sp^cement (spectral displacement) is 1 inch. The peak velocity is just over 20 
nches/sec. As the period lengthens (because of damage and reductions in stiffness) 
to 1.5 sec., the displacement increases to more than 5 inches, which confirms the 
above expectation of excessive deformations (i.e. damage) somewhere in the structure. 

^ 9U InH 1 i 5 ^ alS o- tabulates the r eP°nses of the same family of bridges used in figures 
12 and 14. Similar trends are again evident. Damping always reduces response and 
m some cases quite dramatically. Bridges with longer periods experience lower 
accelerations and therefore lower seismic forces than those with shorter periods of 
the same damping ratio. However, one very important consequence for bridges with 
long periods is the higher displacements that must be accommodated in the Diers. 
As illustrated in figure 15, there can be a sixfold increase in displacement for a 
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Spectrol velocity S v ,in. per sec. 


80 



Undomped naturol period T, sec. 


\ 

0.02 

1 J 


Damping Ratio (n) 1 

0.02 


0.10 


Period (T) 

seconds 

.3 

.5 

J9 

.3 

.5 

.9 

Spectral displacement (S^) 
Spectral velocity <S V ) 

Spectral Acceleration (S a ) 

ins 

ins/sec 

1.0 

20.5 

l.ig 

2.2 

27.5 

• 9 g 

6.0 

40.0 

7g 

0.6 

12.0 

•7g 

1.5 

19.0 

- 6 g 

2.9 

20.0 

■35g 


For comparison of performance, the above table summarizes the responses of 6 bridges subject 
to the same El Centro earthquake. These bridges have periods of 0.3. 0.5 and 0.9 seconds 
and damping ratios of 2% and 10%. 

The results for the 0.5 second period bridge with 2% damping are illustrated in the above 
Spectra. All remaining results have been read from the same figure in like manner. 


Figure 15: Tripartite Plot of the Acceleration. Velocity and 
Displacement Spectra for the El Centro (1940 NS) Earthquake 




ASSUME: 


NOTATION: 


STEP 1 


• Individual column elements have negligible torsional stiffness 

• bridge superstructure acts as a diaphragm rigid in its own plane 

• mass of diaphragm is uniformly distributed 

• diaphragm interconnects all elements contributing to torsional stiffness 

• diaphragm rotates about center of stiffness 

a X' a y- a 9 accelerations In the x. y and 0 directions 
displacements in the x and y directions 
shear forces In x and y directions 
Inertial forces in x and y directions 
lateral stiffness in x and y direction 
torsional stiffness 
total length of bridge 

elemental torque and total torque acting about an axis 
normal to the bridge deck 

elemental mass and total (translational) mass of bridge deck 
rotational mass inertia 
period of vibration 
cartesian coordinate axes for deck 
total width of bridge deck 
rotation about axis normal to bridge deck 

CALCULATE TORSIONAL STIFFNESS 


U X . Uy 

F x- F y 
F lx- F ly 

K x . Ky 

«0 

L 

6Q. Q 

6m. M 

M g 

T 

x. y 

W 

0 


Consider one element Ce.g.. a column) forced by the diaphragm rotation to 
deflect (d x . d y ). Then the torque required at the center of rotation is: 


but 

where 

but 

where 

and 

substitution gives 


6Q = F x y - F y x 

F x = Mx and F y = K y d y 

K x = column lateral stiffness in x direction 

Ky - column lateral stiffness in y direction 

d x = y.e and dy = -x 0 

(x.y) = column coordinates with respect to center of 
stiffness 

0 = diaphragm rotation 

6Q = [y 2 K x + x 2 Kyi 0 


The total torque (Q) is given by the summation over all the columns 
supporting the diaphragm. 


Therefore 


Kp - Q/S = £ [y 2 K x + x 2 KyJ 


This is the required torsional stiffness. 


Figure 16. Calculation of Period of Vibration for Rotation about Vertical 



'column or 
other pier element 


STEP 2 


' 6Q e 

CALCULATE ROTATIONAL MASS INERTIA 


Consider a small element of the diaphragm mass. 6m to move (dx.dy) as a 
result of the diaphragm rotation. 6. 

Then inertia forces acting on the element are 

F| X = -6ma x and F|y = -6may 
where a x = y.ag and ay = -x.ag 

Therefore the elemental torque felt at the center of stiffness due to the mass 
Inertial forces is: 

6Q - F| x y — F|y x 

= -6m(x 2 + y 2 )a e 

and total inertial torque. Q Is given by 

Q = - J"(x 2 + y 2 )dm.ag 
Therefore Mg = -Q/a e = j * (x 2 + y 2 )dm 

and for a rectangular deck of dimensions (L.W> and total mass M. rotating about 
its center. 

Mo = M <L 2 + W 2 ) / 12 


STEP 3 


CALCULATE PERIOD OF TORSIONAL VIBRATION 


Torsional period is given by T = 2v v Mg / Kg 

For bridge in Figure 8: L = 240. W = 30. M = 52.17 Ksec 2 /ft 
and center of stiffness is at center of bridge. 

Therefore rotational mass inertia. Mg = 254,348 K.ft.sec 2 

Also for same bridge: 


abutment lateral stiffness 


2x bent lateral stiffness = 2(9600)K/ft 


therefore 


Kg = 19,2000 20) 2 + 0 + 19.200020) 2 
= 552.960 x 10 3 K ft/radian 


Therefore on substitution. T = 0.13 secs. 

Figure 16: Calculation of Period of Vibration for Rotation about Vertical Axis 

(continued) 
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threefold increase in period. Unless the substructures (piers and bearinos) ar p 

wm C 'hp a y deta, ‘ ed *° w,thstand these displacements elastically, high ductility demands 
be imposed which. as noted above. Implies structural damage In the pfere 


3.5 LIMITATIONS ON SINGLE MODE MODELLING 

Whereas the single degree-ot-treedom model Is extremely valuable because resnonxe 
spectra are available to predict Its behavior, not all bridges and certainly nm lh 
buildings can be accurately analyzed in this way. y 

This is because these bridges can vibrate in other mode shapes besides the fundamental 
or basic shape and still satisfy equilibrium. Whether these additional mSd« Te 

Z iZlT^' 15 ae,e ™ ined '»«"• frequency of vibration and the dZechon of 
the inertial forces required to excite each mode. In general, each mode vibrates at 

ff fhp 6 ?^ frequency ' and its contribution to the overall response will only be significant 
Ai<qn /fh Ue a Cy content of the earthquake includes this particular modal frequency 
Also if the direction of ground shaking is not coincident with the principal direction 

for 'h Wi " partiCipate the bridge response. This may not be ^rue 

Z reguZr sSres*' m ° aeS ' 6 “‘ " ' S " reaS ° na6le <0 ntaha 

mort! "Jh / r f quenc y. content of a typical earthquake is in the range of 0.5 to 20 Hz 
modes that fall outside this range may usually be safely ignored. In practice however' 

thp m H Ch narr ° wer fre P uenc y range may be used to filter out unnecessary modes Since 
the degree of modal participation is affected by the energy content of modes comorisino 

ul S Z»?° n » ,h T With “ ,e h,9hast ene W ara ,he slgnfflZnl For epical 

0 5 to To Hx wrnrh m»r qU .H n , Cy C0Ment ' heSe modes a PP ears 10 be in We range 
0.5 to 10 Hz which means that structural modes outside this range may also be ignored. 

!nT la , r n n ° r H UnU ! Ual T brid9eS are m0re ,ike,y t0 h3ve hi 9 har modes which will need 

wmMnri thp d6 h ed ' To , calculate these ' a computer program should be used which 
w.H find the shapes and frequencies for all those modes judged to be important by 

the designer, in the absence of other information to guide the desiqner 3 modes 

Mnnt aC r ^ be Ch ° Sen f0r preliminar y stud y. U P ‘o a maximum of 20-25 modes 

elastic soa P c U e er fra C mpt S H ^ Wh,ch perf0rm these S °- C3,(ed eigen-solutions for 
elastic space frames, and some are specifically oriented towards bridge analysis 

General purposes programs may. however, use different terminology, but the basic 

purpose is the same. For example, “eigenvector" may be used for mode shape and 

“eigenva'ue" may be used for the square of the natural frequency (p^ of m?de I 

thP modal" 6 pr ° 9rams w,,) a,so determine the importance of each mode and combine 

,e m ° da ' SP ° nSeS 006 ° f several a PP roved techniques. More information about 
these procedures and programs is given in chapters 7 and 10. 

As an example of a second mode which will exist in the example bridge of section 

fn thP t °l' S ' 0n m ° de iP WhiCh the brid9e rotates about an axia normal 

to the deck if the lateral stiffness of the abutment structures is not infinite (as 

assumed earlier) but equal to twice the pier lateral stiffness, the period of this torsional 

mode is shown in figure 16 to be 0.13 secs. This is about one-half of the transverse 

hp nS J a -h n n J? e H° d diQure 1]) and wm important if there is any eccentricity in 
the as built bridge between the center of mass and center of translational stiffness 
Torsional response is further discussed in chapter 5. 


42 



3.6 DUCTILE RESPONSE AND FORCE REDUCTIONS 

It was demonstrated in section 3.4.2 that the example bridge in section 3.1.1 would 
be damaged by the El Centro earthquake. To strengthen the bridge to remain elastic 
(undamaged) would be uneconomical and difficult to justify for such an infrequent load 
case. Instead, it is a common design principle to accept some seismic damage in 
a bridge provided it does not lead to the collapse of the structure. If the structural 
components, which are expected to resist these extreme forces, are designed to behave 
in a ductile manner, collapse can be avoided. However, a clear understanding of 
the implications of nonlinear behavior is required and the demand such response places 
on the substructures needs to be calculated. 

To gain insight into this design approach it is helpful to first consider the behavior 
of a single degree-of-freedom system responding elastically to an earthquake. It will 
exhibit a load-deflection relationship of the kind illustrated in figure 17a. Here, b 
represents the maximum response of the system and the area abc is a measure of 
the potential energy stored in the system at the time of maximum deflection. As the 
mass returns to the initial "at rest" position, this energy is converted into kinetic energy. 

Now if the column is not strong enough to withstand the full elastic load implied by 
b. a plastic hinge will develop and the load-deflection curve will be as shown in figure 
17b. When the limiting moment capacity is reached in the hinge, deflection proceeds 
along the path de and e now represents maximum displacement response. The potential 
energy stored in the system is given by "a-d-e-f" but not all of this energy is 
recoverable. Only area "e-f-g" is available and is converted to kinetic energy as the 
mass returns to zero. The remainder “a-d-e-g" is dissipated in plastic deformation 
(mainly as heat) and is therefore irrecoverable. Hence, although the strength is less 
and plastic deformation implies a large deflection for negligible additional load, the 
maximum deflection of an elasto-plastic system is not significantly different to that of 
a purely elastic one. This is because less energy is being fed back into the system 
on each return cycle. However, if plastic deformation is accompanied by strength and 
stiffness deterioration, these deflections will not necessarily be equal or even close. 
This possibility is discussed later in this section but for the moment equal deflections 
are assumed and the two previous load-deflection curves are redrawn as in figure 
18a. 

Now if ductility is expressed in displacement terms, a ductility factor (l may be 
defined by: 


H = Ay / Ay 

where A u is the maximum lateral deflection at the end of plastic deformation 

and Ay is the lateral deflection when yield in the column is first reached. 

The reduction in force which always accompanies elasto-plastic action can now be 
expressed in terms of n. Geometry of similar triangles in figure 18a gives: 

OB = OA/fi 

That Is: maximum force for design = maximum force from an elastic 

response analysis / it 
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Figure 17: idealized Response of a Single Column Pier 
(from Reference 20) 
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Hence a force reduction factor (R) can be defined and shown to be given by 


R - !i 


(13) 


It is well established that columns and piers can be 
factors in the range of 2 to 5. 


designed to give structure ductility 


This, in turn, means that design forces can be one-half to one-fifth of the elastic 
response forces, provided the structural components have the capacity for the implied 
plastic deformations, i.e.. provided they can undergo these inelastic deformations 

without collapse. 


It is to be remembered that the above development for R is based on the assumption 
of equal displacements during elastic and inelastic response. However, recent dynamic 
studies have now shown that the equal-deflection criterion used in figure 18a may 
not be conservative, especially if the plastic deformation causes a progressive degradation 
in stiffness from cycle to cycle (as for example in reinforced concrete columns) In 
these situations an equal energy criterion has been shown to be more appropriate 
and this is illustrated in figure 18b. Equating the areas "O-C-D" and "O-E-F-G" qives 
the following expression for R (the force reduction factor): 


Considerable judgment is therefore required to obtain suitable reduction factors and 
both the AASHTO Guide Specifications and the Caltrans criteria make recommendations 
on appropriate factors to use [references 2 and 41. Accordingly, R Factors should 
be selected on a component-by-component basis and take into consideration the 
importance of the component to seismic performance (e.g. substructure member or 
a connection detail), structural type (e.g. wall type pier or a multicolumn bent) and 
material (e.g. steel or concrete). More detailed discussion on ductility and its 
importance in the seismic design of bridges is given in chapters 4 and 6. 
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CHAPTER 4 DESIGN PHILOSOPHY 


The basic aim of seismic design, as in any engineering design, is to ensure that 
the resistance of the structure is greater than the loads applied to it. This is 
complicated in seismic design by the fact that earthquake loads are not deterministic, 
i.e. they cannot be determined in an explicit manner in the same way that dead loads, 
vehicle loads and other environmental loads may be computed. 

The resistance of a bridge is assessed differently for earthquakes than for other more 
permanent or frequent loads such as dead and live loads. The magnitude of the most 
extreme event in a seismically active region will generally be several times as severe 
as the loads arising from other causes. To design a bridge to remain elastic and 
undamaged for such infrequent extreme loads is generally uneconomic and in fact 
not always possible. Therefore the philosophies developed for earthquake resistant design 
differ from those adopted for other load types. 

This chapter presents a seismic design philosophy for bridges and the rationale behind 
this philosophy. Accordingly, the past performance of bridge structures in earthquakes 
is reviewed, past and present design criteria are examined and the concept of acceptable 
damage is introduced. Design concepts for ductile behavior are also reviewed. Finally, 
a brief outline of seismic isolation for bridges is presented. 


4.1 BASIS FOR BRIDGE SEISMIC DESIGN PHILOSOPHY 


For permanent loads (dead loads), or frequently occurring loads (live loads), engineering 
design is based on elastic principles so that the capacity of the structure is sufficient 
to resist all loads with a specified margin of safety. The magnitude of earthquake oads 
is such that this principle would be unrealistic for most bridges. Accordingly, a 
commonly accepted seismic design philosophy for bridges is as follows. 


1. For low to moderate earthquakes, which may be expected to occur several 
times throughout the life of a bridge, the structure is designed to resist 
these loads with only minor damage. 


2. For severe earthquakes which may occur once in the lifetime of a bridge, 
some structural damage is accepted but controlled so as to prevent collapse 
and preserve public safety. Where possible, damage that does occur should 
be readily detectable and accessible for inspection and. if feasible, repair. 


These concepts can be illustrated by means of the simple bridge example shown in 
figure 19. and the two response spectra given in figure 20. The lower leve 
in figure 20 is representative of a low to moderate earthquake whereas the higher 
level spectrum is representative of a more severe event at the same site which is 
assumed to be in a high seismic zone. 
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Note: Lollipop model is used for illustrative purposes 
only. See restrictions on use in Section 3.1.3. 


Figure 19: Simplified Model for Calculation of Transverse 

Period of Vibration 
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Figure 20: Comparison of Realistic and Design Earthquake Forces 



Suppose the period of this bridge, with single column piers, is 0.3 sec. 
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In many of the early bridge and building design codes the lateral design force 
(F) was expressed as a fraction of the weight (W) of the structure. This fraction 

was frequently called a design coefficient (C> which had values in the range of 

0 03 to 0.15. depending on the period of the bridge and soil conditions of the 
site A comparison of this design coefficient against realistic force coefficients 
for the highest seismic zone of the AASHTO Guide Specification [reference 4] is 
shown in figure 20. it is evident that the forces given by these coefficients are 

significantly lower than those that can now be realistically expected. 

Following the catastrophic collapse of many bridges on the Golden State Freeway 
during the 1971 San Fernando earthquake near Los Angeles, the California 
Department of Transportation (Caltrans) made major revisions to the lateral force 
coefficient method. The most important change was to use realistic design forces 
and displacements. For comparative purposes, the forces and displacements in 
the new Caltrans design criteria [reference 2] are now similar to the higher level 
response spectra shown in figure 20. This change resulted in significant increases 
in forces and displacements for the design of all bridge components. For example, 
the lateral force coefficient for a typical bridge was raised from 0.12 to above 
1.0. However, reductions in these forces are permitted according to the importance, 
function and type of each component. A theoretical basis for these force reduction 
factors is given in section 3.6. They are further discussed in section 6.4 under 
the title "Response Modification Factors". 


4.2 PAST PERFORMANCE IN EARTHQUAKES 

An excellent literature survey [reference 21] chronicles earthquake damage to bridges 
up until 1971. Reports on bridge damage in later earthquakes are given in references 
22 23 and 24. Damage to bridge structures may occur in the superstructure, the 
substructure or the approaches. Typical types of damage are discussed below and 
illustrated, where possible, by means of photographs from past earthquakes. It will be 
seen that most failures occur from horizontal rather-than vertical ground motion. 

4.2.1 Superstructure 

Loss of support for the girders is the most severe form of superstructure damage, 
and this may be caused by a lack of continuity in the superstructure, inadequate support 
lengths for the girders, skew supports which encourage rotation of the superstructure 
about a vertical axis, or gross movements at the superstructure supports due to some 
form of soil failure under the piers or abutments. Typical superstructure collapses are 
shown in figures 21. 22 and 23. Reduction of this type of failure has been the principal 
aim of the Californian seismic retrofit program in recent years. 

4.2.2 Substructure 

Substructure damage generally manifests itself in the form of damage to columns, 
abutments and foundations (piles, footings). Column damage can be caused by flexural 
failure (figures 24. 25 and 26). shear failure, (figures 27, 28 and 29). and anchorage 
failure of longitudinal reinforcement (figures 30 and 31). These types of failure modes 
may also cause collapse of the superstructure by removal of support for the 

superstructure. 
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Figure 22: Damage to the Showa bridge 



Figure 23: Aerial View of Collapsed Fields Landing Overhead 
(Photo - Times Standards. Eureka) 



Figure 24: Flexural damage in column of San Fernando Road Overhead 
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Figure 31: Failure at base of column supported on spread footing 
Golden State Freeway and Foothill Freeway interchange 
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4.2.3 Foundations 


Seismic damage, particularly to low bridges, is frequently caused by foundation failures 
which result from excessive ground deformation and/or loss of stability and bearing 
capacity of the foundation soils. As a result, substructures often tilt, settle slide 
or even overturn, thus experiencing severe cracking or complete failure. Typical types 
of failure for spread and piled footings are shown, schematically, in figures 32 and 

4 racna/NtiwAlti J " v 


4.2.4 Abutments 


By virtue of their high lateral stiffness, abutments may attract the largest share of 
the seismic inertia forces developed in the superstructure. These forces can be very 
high and may cause severe failures, often of a brittle nature. The interaction of the 
abutment with the backfill may also cause the wing wails to break loose from the 
abutments as shown in figure 34. Backfill settlement resulting from compaction is 
often observed as shown in figures 35 and 36. 


4.3 CURRENT BRIDGE DESIGN CRITERIA 

Since the 1971 San Fernando earthquake, the Federal Highway Administration has funded 
numerous research projects to improve the seismic design of bridges. These culminated 
m a contract to the Applied Technology Council of California to compile a new set 
Gu,delines based on the results of this research. Published in 1981 the 
*l^ 8 ? S ™ D9s '° n Guidelines for Highway Bridges [reference 33 were adopted by 
AASHTO in 1983 as "Guide Specifications for the Seismic Design of Highway Bridges" 
reference 43. These specifications represent the state-of-the-art in seismic design 

or bridges and are recommended for the design of all new bridges throughout the 
united States. 


Alternately, the criteria in the AASHTO Standard Specifications [reference 13 may be 
used in the United States. These were also substantially modified following the 1971 
San , JI® rnand0 earth quake and the revisions first appeared as Interim Specifications 


As noted above in section 4.1(B), 
resistant design of highway bridges 
are similar to the AASHTO Guide 


the Caltrans criteria [reference 23 for the seismic 
were also rewritten post-1971 and in many respects 
Specifications [reference 43. 


New Zealand and Japanese engineers have also refined and updated their seismic 
design criteria for highway bridges in the past five years. As a consequence, the 
seismic design provisions in the New Zealand Ministry of Works Highway Bridge Design 

Brief [reference 253. and the Japanese Specifications [reference 263, have recently been 
amended. 1 


Conceptually, the Caltrans, New Zealand and Japanese seismic design approaches all 
employ a force design" concept. The Japanese criteria incorporate the highest levels 
of design forces and therefore rely less on the ductility of the supporting columns. 


In the New Zealand criteria, which also accepts the philosophy that it is uneconomic 
to design a bridge to resist a large earthquake elastically (without damage), bridges 
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PILE OVERLOAD CONCRETE SHEAR FAILURE 



PILE PULLOUT ANCHORAGE FAILURE 



FLEXURAL YIELDING PILE FLEXURAL AND/OR 

OF REINFORCING SHEAR FAILURE 


Figure 33: Modes of Failure for Pile Footings 
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Figure 34: Damaged wing wall of abutment—Roxford Street Undercrossing 

at Foothill Freeway 
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Figure 35: Differential settlement of backfill at abutment 
Roxford Street Undercrossing at Foothill Boulevard 



Figure 36: Differential settlement of backfill at abutment 
Roxford Street Undercrossing at Foothill Boulevard 





are designed to resist sma!l-to-moderate earthquakes in the elastic range. Design 
earthquakes are represented by the upper curve in figure 20, which may be reduced 
by a displacement ductility factor to determine design force levels. This factor performs 
a similar function to the reduction factors (R) allowed in other codes. The selection 
of R depends on the ability of the bridge substructures to withstand inelastic deformation 
and can range from 2 to 6 according to the judgement of the design engineer. The 
design philosophy is that columns be capable of resisting the higher forces by inelastic 
or ductile deformation. Thus flexurai plastic hinging in the columns is acceptable but 
the New Zealand code attempts to prevent significant damage to the foundations and 
other joints. Consequently, as a second step in the design process, maximum forces 
resulting from plastic hinging in all columns are determined. These forces are then 
used for the design of all components connected to the columns including the 
foundations. Hence, critical elements in the bridge are designed to resist the maximum 
forces to which they will be subjected by flexural yielding of the columns in a large 
earthquake. 

In the Caltrans approach the member forces are determined from an elastic design 
response spectrum for a maximum credible earthquake, similar to the upper curve in 
figure 20. Although there are several spectra in the Caltrans provisions, they are 
of the order of, or higher than, curve 1 in figure 20. The design forces for each 
component of the bridge are then obtained by dividing the elastic forces calculated 
using this curve, by a reduction factor (Z). The Z-factor is 1.0 and 0.8, respectively, 
for hinge restrainers and shear keys. These components are therefore designed for 
expected and greater-than-expected (in the case of shear keys) elastic forces resulting 
from a maximum credible earthquake. Well-confined ductile columns are designed 
for lower-than-expected forces from an elastic analysis as the reduction factor Z varies 
from 4 to 8. Thus, in figure 20. the column design forces would be obtained by 
dividing the upper curve by the Z-factor. This assumes that the columns can deform 
inelastically when the seismic forces exceed these lower design forces. The end result 
is similar to the New Zealand approach although the procedures used are quite different. 

in the development of the AASHTO Guide Specifications [reference 4], the assessment 
of many loss-of-span type failures in past earthquakes was attributed in part to relative 
displacement effects. Relative displacements between adjacent superstructure segments 
arise from out-of-phase motion of different parts of a bridge, from lateral displacement 
and/or rotation of the foundations and differential displacements of abutments. Therefore, 
in the development of the AASHTO Guide Specification the design displacements were 
considered to be equally important to the design forces. Thus minimum support lengths 
at abutments, columns and hinge seats were specified; and for bridges in areas of 
high seismic risk, ties between noncontinuous segments of a bridge are specified. 
The design philosophy for forces in this AASHTO Specificaton is similar to that of 
Caltrans. That is, the bridge is analyzed using realistic forces calculated from a realistic 
design spectrum and the component forces are then modified by dividing these forces 
by a reduction factor (R)—see section 6.5. 


4.4 ECONOMIC CONSIDERATIONS 

The design philosophy used for bridges clearly has economic implications. A bridge 
can be designed such that it will suffer only minor damage in a major earthquake 
if the upper level curve in figure 20 is used to design all the components elastically. 
However, the cost increase will be considerable. Thus, in the development of a design 
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n the development of the AASHTO Guide Specifications [reference 4], both acceptable 
and unacceptable types of damage were defined. Detailed design and analysis 
requirements were then developed to achieve these performance criteria as follows. 

4.4.1 Acceptable Damage 

The only form of acceptable damage in the piers is flexural yielding of the columns 
A well designed and detailed steel or reinforced concrete column can be subjected 

ho m »? n l ° y !? ° f f,eXUral yie ' din9 Without risk of c o ,ia Pse. Any resulting damage will 
be visible and repairable and therefore acceptable. 

For concrete columns to be repairable, it is most important that the provisions for 
Is expected eXUral reinforcement be satisfied in the zones where flexural yielding 


Nominal abutment damage may also be acceptable provided adequate seat widths are 

fmhfrp «n a ^h 0rn t m0date th ! ‘ ar9er movements - Such damage might include shear key 

failure (in the transverse dtrection) and/or backwall impact (in the longitudinal direction) 

4.4.2 Unacceptable Damage 

(a) Loss of Girder Support. Clearly this is the most unacceptable form of damage. 
To minimize this potential mode of failure, minimum support lengths for the 
girders are specified. See sections 7.4.2 and 7.6.8. In addition, the design 
provisions required for bearings and ties between non-continuous segments are 
important since a bearing failure may precipitate a loss of girder failure. 

(b) Column Failure. The two types of reinforced concrete column failures that can 

lead to a catastrophic collapse are shear failures (figures 27, 28 and 29) and 
pullout of the longitudinal reinforcement (figures 30 and 31). A capacity desion 
approach (section 4.6) is adopted in the AASHTO Guide Specification to minimize 
the possibility of a shear failure. Pullout of the longitudinal reinforcement is 
addressed with detailed design provisions and the requirement to design 
connections for the maximum expected forces generated from flexural yielding 
in the columns. a 


(c) Foundation Failure. This can manifest itself in several ways with figures 32 

and 33 providing illustrative examples of this type of failure. In addition any 
damage that does occur will not be readily visible or easily repairable. As 

a consequence, the AASHTO Guide Specification minimizes the possibility of these 
modes of failure occurring, it requires that all foundation structures be designed 
for the maximum forces that can be transferred by the piers, assuming flexural 
yield in the piers. These forces may be reduced if it can be shown, for 
example, that the ultimate soil capacity will be exceeded before these forces 
reach their maxima. Similarly, local footing uplift is permitted where appropriate. 

(d) Connection Failures. Connections are extremely important in maintaining the 
overall integrity of the bridge. Consequently, in the AASHTO Guide Specification 
particular attention is given to the displacements that occur at moveable supports. 
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For fixed connections, conservative design forces are specified. In addition, 
positive horizontal linkage is to be provided between adjacent sections of the 
superstructure. 

(e) Liquefaction Failure. Liquefaction of saturated granular foundation soils has been 
a major source of bridge failures during past earthquakes. For example, during 
the 1964 Alaska earthquake, 9 bridges suffered complete collapse, and 26 suffered 
severe deformation or partial collapse. Investigations indicated that liquefaction 
of foundation soils contributed to much of the damage, with loss of foundation 
support leading to major displacements of abutments and piers. From the 
foundation failures documented in the literature, it is clear that the design of 
bridge foundations in soils susceptible to liquefaction poses difficult problems. 
Where possible, the best design measure is to avoid deep, loose to medium- 
dense sand sites where liquefaction risks are high. Where dense or more 
competent soils are found at shallow depths, stabilization measures such as 
densification may be be economical. The use of long ductile vertical steel piles 
to support bridge piers could also be considered. Calculations for lateral 
resistance would assume zero support from the upper zone of potential 
liquefaction, and the question of axial buckling would need to be addressed. 
Overall abutment stability would also require careful evaluation and it may be 
preferable to use longer spans and to anchor abutments well back from the 
end of approach fills. 

Alternatively, it might be better to take a “calculated risk" for less important 
bridges in areas susceptible to liquefactiion. In many of these cases, it is not 
possible to justify the expense of a design that will survive a large earthquake 
without damage due to liquefaction effects. However, it may be possible to 
optimize the design so that the cost of repair of earthquake damage does not 
exceed the cost of additional construction needed to avoid the damage in the 
first place. 


4.5 DUCTILITY DEMAND 

It is clear from the discussions of design philosophy that economic seismic design 
throughout the world in both bridges and buildings is achieved by permitting flexural 
yielding of the supporting columns. As a consequence, it is imperative that flexural 
yielding occurs in a controlled and stable manner. Flexural yielding in the column 
implies deformation beyond the yield capacity of the column (section 3.6). The extent 
of deformation beyond yield is referred to as the ductility demand on the column. 
Consequently it is important to understand the definition of ductility and what design 
parameters impact the ductility capacity of a column. 

The following definitions are commonly used to define ductility in a bridge structure, 
such as that shown in figure 37. 

(a) Displacement ductility (structure ductility, figure 38) gives a measure of 
the extent to which the center of mass of a structure may be displaced 
beyond the yield displacement. 

(b) Curvature ductility (section ductility, figure 39) gives a measure of the 
extent to which the curvature of a column section may be increased 
beyond the yield curvature. 
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Figure 37: Definition of Elastic and Inelastic Deformations 
for a Bridge Column 



displacement of center 
of mass (a) 


Figure 38: idealized Displacement (Structure) Ductility 
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Lateral Load 


Figure 39: idealized Curvature (Section) Ductility 



Center-of-mass Displacement 


Realistic Force-Displacement Curve Showing Structure Ductility 






It should be noted that figures 38 and 39 illustrate idealizations of relationships applying 
in practice. The actual form of the curves is shown in figure 40. Departure from 
the elastoplastic idealization occurs because: 

(i) Not all of the reinforcing steel in a reinforced concrete section reaches 
yield at the same time. Bars furthest from the neutral axis yield first. 
These are followed by the progressive yield of the remaining bars— 
those closest to the neutral axis being the last to yield. 

A similar situation occurs in structural steel columns when subject to 
increasing flexural rotations. 

(ii) Properties of concrete and steel vary in a nonlinear manner with strain. 

For the majority of bridges, where ductility is provided by flexural plastic hinging of 
the columns, the ductility capacity will be limited by the ultimate displacement A u 
that can be sustained by the bridge columns without collapse. Definition of A u is 
somewhat subjective, but a recommended approach for reinforced concrete members 
is to define A u as the displacement corresponding to either the first fracture of the 
confining reinforcement in a column plastic hinge (which results in rapid degradation 
of performance), or to a 20 percent drop in the lateral load capacity after the maximum 
strength has been reached. 


An understanding of the relationship between the structural ductility capacity and the 
curvature ductility within the plastic hinge zone is fundamental to an assessment of 
design ductility. The local ductility required at a plastic hinge in a yielding structure 
may be expressed by the curvature ductility factor $ u /«j> y , where <J>„ is the curvature 
of the section at first yield, and 4>u is the maximum imposed curvature. 

It can be shown that the required curvature ductility factor at the plastic 

hinge sections will generally be much greater than the required displacement ductility 
factor for the structure, since once yielding commences, further displacement occurs 
mainly by rotation at the plastic hinges. The relationship between the curvature ductility 
demand at the plastic hinges and the displacement ductility demand can be determined 
by considering the geometry of the deformations of the bridge structure. See, for 
example, reference 27. 


In the AASHTO Guide Specification, there is no requirement to calculate the structural 
or curvature ductility demand. However, implicit in the requirements are structural, 
and therefore curvature, ductility demands. The larger the R-factor for columns, the 
higher the structural ductility demand. For important and very flexible structures, an 
assessment of the structural ductility may be warranted. In this case, reference 27 
provides an excellent summary of the state-of-the-art procedures for performing this 
type of calculation. 


4.6 CAPACITY DESIGN 

Capacity design is a design procedure that is used to achieve a desirable hierarchy 
of the failure modes in a bridge. For example, the brittle and catastrophic modes 
of failure in columns, such as shear or compression, are much less desirable than 
a flexural mode of failure. See figures 27, 28 and 29. The intent of a capacity design 
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procedure is therefore to ensure that failure occurs in a flexural mode before it occurs 
by shear or compression. To establish a failure sequence in a complex chain of events, 
it is necessary to know the strength of each link. This knowledge must be based 
on the most probable strengths of the structural components. 

Definitions of various strengths used in capacity design are: 

(A) Ideal Strength, Sj 

The ideal or nominal strength of a section of a member Sj i s 
obtained from theory predicting the failure behavior of the section based 
on assumed section geometry and specified material strengths. The 
ideal strength is that strength to which other strength levels can be 
conveniently related. 

(B) Dependable Strength. S d 

The strength reduction factor (4>) allows the dependable or reliable 
strength S<j to be related to the ideal strength by: 

S d = ®Sj (15) 

where <t> is always less than 1. This is to allow for material strengths 
that are less than specified and poorer workmanship and smaller 
dimensions than assumed for the ideal strength calculation. Each one 
of these may be within tolerable limits but in combination they will result 
in undercapacity. 

(C) Overstrength, S 0 

The overstrength S 0 takes into account all the possible factors that 
may cause a strength increase above the ideal strength. These include 
a steel strength higher than the specified yield strength plus additional 
strength due to strain hardening at large deformations; a concrete 
strength higher than specified, section sizes larger than assumed, and 
additional reinforcement placed for construction purposes or unaccounted 
for in calculations. The overstrength can be related to the ideal strength 
by: 

S 0 = «* 0 Sj (16) 

where 3> 0 is the overstrength factor and allows for all possible sources 
of strength increase. It is always greater than 1. 

The implementation of the capacity design approach in the AASHTQ Guide Specification 
is to ensure that the columns will have adequate flexural (ductility) capacity and that 
the brittle shear and compression modes of failure have a low probability of occurrence. 

The steps required to achieve this are as follows: 

STEP 1 : Analyze the structure under the design earthquake load and reduce the forces 
so obtained by the appropriate R-factor. Perform the specified combinations with other 
loads to calculate the required flexural strength M n at the plastic hinge sections of 
the columns. 
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STEP 2 : Design the plastic hinge sections of the columns such that the dependable 
flexural strength M d > required flexural strength M n from Step 1. 

After finding the governing or controlling axial force and moment combination in Step 
1, the column dimensions and longitudinal reinforcement (in the case of a reinforced 
concrete column) are selected so that: 

M d = 4>Mj > M n (17) 

in which M d = dependable flexural strength; 

4> = strength reduction factor; 

Mj = ideal flexural strength and 
M n = required moment capacity from Step 1. 

The value for <J» varies between 0.5 and 0.9 depending on the level of axial force in 
reinforced concrete columns. 


STEP 3 : Calculate the overstrength flexural capacity of the plastic hinges. 

The purpose of the overstrength calculation is to determine the actual member forces 
that may be present when plastic hinges form in the columns or piers. These 
overstrength flexural capacities are found from the relation: 


M 0 = ®o M l 


(18) 


in which M 0 = overstrength flexural capacity; 

3> 0 = overstrength factor, and 

Mj = ideal flexural strength of the column as designed. 


The value recommended in the AASHTO Guide Specification for $ 0 is 1.2 5 for 
structural steel columns and 1.3 for reinforced concrete columns. The shear force 
in a column is directly proportional to the column end moments. 


i.e. 


F v = (Mj + Mg)/h 

where 

Fv 

is the shear force 


Mt- Mg 

are moments at the top and bottom of the 
column respectively 

and 

h 

is the column height 


(19) 


This force is a maximum when overstrength values for Mj and M B are used in 
equation (19). This maximum is the required shear strength for the column, F vn . 
To prevent a shear failure, the dependable shear strength (F vd ) must be greater 
than or equal to the required shear strength (F vn ). 

i.e. F vd > F vn (20) 

STEP 4 : Design the columns for shear such that the dependable shear strength 
F vd exceeds the required shear strength. F vn , from Step 3. This means that: 


Fvd - ®Fvi ^ Fvn 


( 21 ) 
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where $> is the strength reduction factor (for shear) and F V j is the ideal shear 
strength for the column. 

Designing the shear forces in the columns to correspond to the overstrength moments 
will ensure that a brittle and undesirable shear failure in the columns has a low 
probability of occurrence. Since the overstrength moments and corresponding shears 
are also used to design the connections to the columns and the foundations, the 
probability of failure in these components is therefore also greatly reduced. 

4.6.1 Example 

1 . Suppose after Step 1 in the above procedure the required flexural strength for 
a column (M n ) is 100 Kft. 

2. Now design a column for this moment and after design, calculate its ideal flexural 
strength (Mj). 

Suppose Mj =120 Kft 

Assume $, the strength reduction factor in flexure is 0.9 

then M d . the dependable flexural strength is given by 

M d = 0.9*Mj 

= 0.9 (120) = 108 Kft 
check M d > M n which it is. 

3. Assume an overstrength factor 4>o °f 1-30 and calculate the overstrength 
flexural strength, M 0 as follows: 

M 0 = 1.30*Mj 

= 1.30 (120) = 156 Kft. 

Now calculate the required shear strength (F vn ) to prevent shear failure in the 
columns (assume top and bottom column moments to be equal and a column 
height of 12 ft) 

F vn = (Mj + Mg)/h 

= (156 + 156)/12 
= 26 K 

4. If the strength reduction factor in shear is taken as 0.85, the shear steel in 
the column must be proportioned so as to give an ideal shear strength 
(F V j) such that the dependable shear strength exceeds the required shear 
strength. 

i.e. F vd = 0.85*F V j > F vn 

|.e. F v j > 26/0.85 K 

i.e. F v j > 30.6 Kips 

5. Compare this value for shear strength (30.6 Kips) with that calculated if just 
the ideal flexural strength were used and no allowance made for flexural 
overstrength or for the shear strength reduction factor: 

Then: F v = (120 + 120)/12 = 20 Kips 
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ff the column were provided with this level of shear strength, it would most 
probably fail in shear before the flexural hinges were fully developed. 


The difference in the above two shear capacities is the ratio 
for the above example is equal to 1.30/0.85 = 1 . 53 . 


of <J> 0 /4> which 


4.7 SEISMIC ISOLATION DESIGN CONCEPTS 

iso ' ati ° n ° f structure s from the damaging effects of earthquakes is not a new 
de . The first patents for base isolation schemes were taken out at the turn of the 
century, but until very recently, few structures have been built which use these ideas 
Early concerns were focused on the fear of uncontrolled displacements at the isolation 

| bUt theS ^- haVe b6en ,arge,y overcome with the successful development of 
mechanical energy d.ss.pators (section 9.5.1). When used in combination with a flexible 
device such as an elastomeric bearing or a sliding plate, an energy dissipator can 
contro! the response of an isolated structure by limiting both the displacements and 
e forces. Interest in base isolation as an effective means of protecting bridges from 

5“ S ’.‘ he, ; efore 5 revived in recent years. To date-there are 9 several 

hundred bridges in New Zealand. Japan. Italy and the United States which use base 
isolation principles and technology in their seismic design. 


Th ®. hfJ 5 ? i ment ° f seismic isolation is to increase the fundamental period of vibration 
such that the structure is subject to lower earthquake forces. However, the reduction 
in force is accompanied by an increase in displacement demand which must be 
accommodated within the flexible mount. Furthermore, longer period bridges can be 
ively under service loads. On the other hand, studies have shown that the cost of 
the isolation hardware can be offset against the savings in the substructures and 
foundations (because of the reduced forces) and the long term reduction in repair 
costs for seismic damage. p 


There are therefore three basic elements in a bridge isolation system, as follows: 

• A flexible mounting so that the period of vibration of the bridge 
is lengthened sufficiently to reduce the force response, 

• A damper or energy dissipator so that the relative deflections across 
the flexible mounting can be limited to a practical design level. 


A means of providing rigidity under low (service) load levels such 
as wind and braking forces. 


Flexibility : An elastomeric bearing is not the only means of introducing flexibility into 

tJlT ■ ° UI , " Certaln ' y appears 10 be tha most P^tical >» a one with The 

J? f. lit range °„ f a PP" catl0n - The idealized force response with increasing period 
lexibility) is shown schematically in the acceleration response curve of figure 41 
Reductions in base shear occur as the period of vibration of the structure is lengthened 

J r h ' Ch th6Se f0rCes are reduced is primarily dependent on the 9 nature 

of the earthquake ground motion and the period of the fixed base structure. However 
as noted above, the additional flexibility needed to lengthen the period of the structure 
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will give rise to large relative displacements across the flexible mount, Figure 42 
shows an idealized displacement response curve from which displacements are seen 
to increase with increasing period (flexibility). 

Energy Dissipation : Large relative displacements can be controlled if substantial 
additional damping is introduced into the structure at the isolation level. This is shown 
schematically in figure 43. Also shown schematically in this figure is the smoothing 
effect of higher damping. This effect can also be seen in figures 14 and 15 where 
20 percent viscous damping is shown to remove most of the jaggedness inherent in 
spectra with low damping. 

One of the most effective means of providing a substantial level of damping (in excess 
of 20 percent) is through hysteretic energy dissipation. The term hysteretic refers 
to the offset between the loading and unloading curves under cyclic loading. Figure 
44 shows an idealized force-displacement loop where the enclosed area is a measure 
of the energy dissipated during one cycle of motion. Mechanical devices which use 
the plastic deformation of either mild steel or lead to achieve this behavior have been 
developed (section 9.5.1). Mild steel bars in torsion and cantilevers in flexure have 
been tested, refined and are now included in several bridge structures. Similarly, 
lead extrusion devices and lead-rubber (elastomeric) bearings have also been developed 
and implemented. 

Rigidity Under Low Lateral Loads : While lateral flexibility is highly desirable for high 
seismic loads, it is clearly undesirable to have a structural system which will vibrate 
perceptibly under frequently occurring loads such as wind loads or braking loads. 
Mechanical energy dissipators may be used to provide rigidity at these service loads 
by virtue of their high initial elastic stiffness. Alternately, some base isolation systems 
use a separate wind restraint device for this purpose—typically a rigid component which 
is designed to fail at a given level of lateral load. 

4.7.1 Design Principles 

The seismic design principles for base isolation are best illustrated by figure 45. The 
solid uppermost line (curve (1)) is the realistic (elastic) ground response spectrum 
as recommended in the AASHTO Guide Specifications for the highest seismic zone. 
This is the spectrum that is used to determine actual forces and displacements to 
which a bridge will be subjected. The lowest solid line (curve 4) is the design curve 
from the AASHTO Standard Specification. It is seen to be approximately one-fifth of 
the realistic forces given by the Guide Specification. This reduction, to obtain the 
design forces, is consistent with an R-factor of 5 for a multicolumn bent (table 5, 
section 6.4). 

Also shown in figure 45 is curve (3), the probable overstrength of a bent designed 
to the AASHTO Standard Specification. This has been obtained by assuming an 
overstrength factor of 1.5 (section 4.6). Curve (3) therefore represents the probable 
capacity of the bent. 

The demand on this bent is represented by curve (1) and the difference between 
demand and capacity results in damage—possibly in the form of plastic hinging in 
the columns. This difference is highlighted in figure 45 by the arrow and note just 
above the legend for curve (1). 
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Now if the bridge is isolated- the actual shear forces that the bridge will be subjected 
to may be represented by curve (2) (small dashed line). This curve corresponds to 

the same seismic input as curve (1) but it includes the effect of the substantial level 

of damping inherent in hysteretic base isolation systems. The period of the isolated 
bridge will be in the 2.0 to 2.5 second range and it is seen that in this range the 
overstrength (actual capacity) of the bent exceeds the realistic forces (demand) for 

the isolated bridge. This region has been shaded in figure 45. There is therefore 

no inelastic deformation or ductility required of the bent and elastic performance (without 
damage) is assured. 

The benefits of seismic isolation for bridges may be summarized as follows: 

• Reduction in the realistic forces to which a bridge will be subjected 
by a factor of between 5 and 10 (based on curves (1) and (2) 
of figure 45 and a period shift, due to isolation, of say from 0.4s 
to 2s.) 

• Elimination of the ductility demand and hence damage to the piers. 

• Control of the distribution of the seismic forces to the substructure 
elements with appropriate sizing of the elastomeric bearings. 

• Reduction in column design forces by a factor of at least 2 
compared to conventional design (based on curves (4) and (2) of 
figure 45 and a period shift, due to isolation, of say from 0.4s 
to 2s.) 

• Reduction in foundation design forces by a factor greater than 2.5 
compared to conventional design (based on the fact that 
conventional design requires higher design forces for the foundations 
than for columns). 
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CHAPTER 5 DESIGN CONCEPTS 


This chapter overviews seismic design concepts for bridges and is arranged in three 
parts. 


The first part discusses structural form and highlights those factors influencing seismic 
performance. The distribution of lateral stiffness and strength determines the load 
paths through a bridge. The key to a successful seismic design lies in attracting 
seismic forces to elements able to resist them without collapse. Simplicity, symmetry 
and integrity are shown to be the basic steps towards this objective. To illustrate 
these general principles, this section also contains examples of structural form commonly 
used for resistance to seismic loads. Both good and bad form is illustrated for the 
purpose of reinforcing basic design concepts. 


In the second part, seismic considerations for bridges of unusual geometry and/or 
type and for those in difficult or hazardous sites are briefly discussed. 


The third part of this chapter reviews seismic design concepts for the major components 
of a bridge. Performance requirements are reviewed for the superstructure- joints and 
bearings, the substructures, foundations and abutments. 


5.1 STRUCTURAL FORM 

Seismic performance is determined by structural form, which in turn, is a function 
of bridge geometry, structural types and member interconnections. Since seismic loads 
act predominantly in the horizontal plane, the distribution of these loads to the foundation 
is determined by the integrity of the superstructure and the relative horizontal stiffness 
of the various substructures supporting the bridge. 

Bridges are conventionally designed to optimize performance for vertical loads and often 
little thought is given to the resistance of horizontal forces at least in the conceptual 
staqes of the design process. Consequently when seismic performance is checked, 
it is for an already preconceived structural form. While this approach is understandable 
in view of the primary function of a bridge structure, it does not always give a 
seismically optimum bridge. This situation can be avoided if seismic loads, and the 
appropriate form to resist these loads, are considered from the outset of the design 
process. Even in regions of low seismicity, where seismic loads may not govern lateral 
load performance, the adoption of good (seismic) structural form will benefit the overall 
design. A bridge with good seismic form is a better bridge no matter which lateral 

load case governs. 

Consideration of seismic performance early in the design process is an achievable 
target since all stages of bridge design are usually performed in the same office. 
In contrast, building structures are generally conceived by architects and subsequently 
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9ive 1 *° ® n 9'neers for design detailing. The reasons for good structural form ar p th-n 
much harder to impress on those responsible tor the conceptuar Son No miner 

seismic performance should be the end result. 9 P and 9° od 

It is the intent of this section to discuss good and bad form with reaard to tha 
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5.1.1 Basic Requirements 
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ausractory performance. These are discussed 


following 

headings: 

/ 

A. 

Simplicity 

B. 

Symmetry 

C. 

Integrity 


A. Simplicity 

s“e's "IvTlhe O ^X , . Ua au e rv, d vl,™a 0 .e. rePeated,y h 9 ™" 5 '™ 9 ** ,he 


S=S=iH@5S 


One of the advantages of a direct load path is that it 
be proportioned and detailed for the expected loads 
to load transfer via a weaker and unexpected path 


is usually obvious and can 
Collapse or damage, due 
is then much less likely to 
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By comparison with other structures, the 
and can be given a high degree of 
precautions. In a bridge, the heaviest 
transfer of the inertial loads from the 
direct path through the substructures, is 


typical highway bridge is a simple structure 
protection by taking some straightforward 
component is the superstructure and the 
superstructure to the ground by the most 
the first step towards good structural form. 
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should failure occur on the primary load path. Consequently, when a simple bridge 
fails, it does so catastrophically. Simple structures may also concentrate all their 
ductility demand (energy dissipation requirements) into a few structural members 
which, in a bridge, are the piers. Therefore, large plastic deformations can be 
expected in some columns which, if not detailed for this demand, will fail and 
thus trigger total collapse of the superstructure. It is therefore imperative that 
attention to detail, particularly joint and plastic hinge details, be given high priority 
in the design process. This point is discussed again under C. Integrity. 

B. Symmetry 

Symmetry in plan is usually recommended for all structures in order to minimize 
rotation about a vertical axis and avoid the damaging effects of these so-called 
torsional rotations. This is also true for bridges where excessive rotations of the 
superstructure will cause Impact and damage to the abutments and impose torsional 
shear forces on the piers. 

Not only is geometrical symmetry important but also symmetry of stiffness. Each 
girder, pier, abutment and pile contributes to the total lateral stiffness of a bridge 
structure, but by different amounts. The centroid of this spatial distribution of 
stiffness is called the center of stiffness (sometimes also called the shear center) 
and to avoid rotation, it should coincide with the center of mass. The deck will 
not rotate if the eccentricity between the resultant of the applied force (which acts 
through the center of mass) and the resultant of the resisting forces (which passes 
through the center of stiffness) is zero. Symmetry, therefore, requires that the various 
sources of lateral stiffness in a bridge (i.e. the piers and abutments) be 
symmetrically located about the center of mass. For bridges with a uniform weight 
distribution in the superstructure and uniform foundation conditions, this requirement 
is satisfied by geometric symmetry, i.e. by piers of equal height and size being 
located symmetrically about the transverse center line of the bridge. 

Symmetry is easier to satisfy if there are no sudden changes in stiffness from 
one substructure to another. If such a change is unavoidable (as from an abutment 
to a bent), then a similar change should be provided in the corresponding position 
at the opposite end of the bridge. 

One of the consequences of symmetry is that the superstructure deflects in pure 
translation without rotation. Under these conditions, the load distribution to the 
substructures is in direct proportion to the individual lateral stiffnesses—those 
elements with the highest stiffness attracting the highest proportion of the seismic 
load. 

However, if symmetry is not satisfied and torsional rotations are also present, the 
load distribution is no longer proportional to lateral stiffness and high loads can 
be imposed on elements of low stiffness and possibly of low strength. 

Furthermore, if there is a nonuniform distribution of strength so that one element 
yields before another, the sudden drop in stiffness for this element may cause 
a dramatic shift in the location of the center of stiffness. Rotation will occur which 
may aggravate an already deteriorating structure and may severely damage one 
or more substructure elements. 
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C. Integrity 

This requirement, simply stated, means that the various components of a bridge 
must remain connected together during an earthquake. These elements and their 
connections must have sufficient strength to transfer their loads from one to another 
and to the ground or to those substructure members designed to dissipate these 
forces by plastic deformation. It also means that where seat-type supports are used, 
generous seat lengths are provided to avoid loss of support for the girders. 

Continuity of the superstructure to distribute in-plane forces to the piers and 
abutments is clearly important. Bearings and shear keys must have adequate 
margins of strength to transfer these superstructure loads to the substructures without 
risk of failure. To be assured that they will perform adequately in these 
circumstances they should be designed for seismic forces taken directly from the 
elastic spectra for the site. Substructures must have sufficient strength to transmit 
these loads to the foundations or be detailed to dissipate significant amounts of 
energy through plastic deformation (ductility) without collapse. If ductile behavior 
is expected from a substructure, there should not be any sudden changes of 
stiffness within the element. Dramatic reductions in stiffness can place very high 
demands on the displacement capacity of the flexible portions of the element. 
If not detailed for these high demands, total collapse may result. 

Careful detailing is important for a structure's survival. Generous girder seating 
lengths, conservative bearing details, confining steel in plastic hinge zones and 
generous rebar anchorage lengths, shear keys and other restraining devices are 
examples which help ensure a structure's integrity for seismic loads. 

5.1.2 Lateral Stiffness 

It can be concluded from the above that the distribution of seismic loads from bridge 
deck to foundation is primarily a function of superstructure integrity and substructure 
stiffness. However, all elements of a bridge contribute to both the integrity and stiffness 
and it is now useful to consider the various sources of bridge lateral stiffness. For 
this purpose the following structural components are identified: 

• Superstructure: bridge girders and deck slab. 

• Joints, bearings, shear keys, restrainers and other hardware. 

• Substructures: single or multi-column bents, wall piers. 

• Foundation structures: abutments (both seat-type and monolithic), walls. 

spread footings, and piled footings. 

Figure 46 gives guidance on relative stiffness for each component listed above and 
also lists those factors affecting lateral stiffness. Useful expressions for computing lateral 
stiffness are given in figure 47. Most are based on simple beam theory with appropriate 
modifications for end conditions and shear deformations. A good structural designer's 
handbook is a useful design aid for this kind of calculation, e.g. reference 28. 

5.1.3 Influence of Relative Stiffness on Load Distribution 

It was noted in section 5.1.IB that if a bridge deflects in pure translation, the highest 
loads are attracted into elements of highest stiffness. However, if rotation is present, 
this general rule no longer holds, and high loads can be generated in elements of 
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Figure 46: Bridge Components and their Relative Stiffnesses 







^ < 


(a) point load at midspan 

<b) uniform load 


K = 48 EI s /L 3 (1 + a) 
K = 384 El s /5L 3 n+0.6<X) 


K = G r A r /T f 

very high initially, then zero 
very high 



elastic modulus 
shear modulus of elastomer 
moment of inertia of the 
superstructure, single column 
total length of bridge 
column or wail height 
number of columns In each bonl 
bonded area of elastomer 
total thickness of elastomer 
= 1? EI S /GA S L 2 
= 3 EI W /GA’ W L 2 

effective shear areas for 
superstructure and wall sections, 
respectively 


1. If torsional stiffness of superstructure is very high, 
use fixed-fixed result, if stiffness is very low. use 
fixed-pinned result, if stiffness is in between, include 
actual value in calculation for lateral stiffness. 

2. If columns neither fixed nor pin ended but framed into 
bent cap. use a moment distribution procedure to 
calculate pier stiffness. 

3. If pier is piled bent or single column drilled shaft, 
above expression can be used provided h includes 
depth to fixity of pile(s). 


Figure 47: Approximate Lateral Stiffnesses for Different Bridge Components 
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low stiffness. This is because the additional deflection in elements some distance away 
from the center of stiffness, due to rotation, can be very large. Note that such a 
situation creates a high ductility demand in the adjacent columns. 

To illustrate these effects consider the 3-span bridge example in figure 48. 

Two cases are presented: The first is symmetric where both abutments and both piers 

have the same stiffness. For the purpose of discussion each abutment is assumed 

to be 5 times the stiffness of each pier. In the second case, the bridge is asymmetric 
with the stiffness of the left-hand abutment reduced to twice the stiffness of a typical 
pier while the right-hand abutment remains at five times the stiffness. 

A. Symmetric Bridge Example (figure 48) 

Since the centers of mass and stiffness coincide for this case, the superstructure 
deflects without rotation; i.e., in pure translation. The seismic load. P, is then 
distributed in direct proportion to the lateral stiffness of the supporting structures. 
Thus each abutment attracts about 42 percent of P and each pier attracts about 
8 percent of P. Note that these loads are proportional to the stiffness of the 
elements. Note also that these results are independent of the actual span lengths 
provided that they are equal to each other. A fundamental assumption has been 

made to obtain these results and this is that the superstructure acts as a rigid 

diaphragm in its own plane and does not distort or bend under the action of these 
loads. As noted in figure 46 some superstructures are more rigid than others 
and the above results must be modified if significant in-plane bending of the 
superstructure is expected. 

B. Asymmetric Bridge Example (figure 49) 

The reduction in the left-hand abutment stiffness causes the center of stiffness 
to move towards the right hand abutment. In this example, it is shown to coincide 
with the location of the right hand pier (RP). 

Although most unlikely to occur in practice, it is instructive to first consider what 
would happen if the center of mass should also move with the center of stiffness 
and remain coincident with the center of stiffness. Again the superstructure will 
deflect in pure translation and the load distribution will be in direct proportion 
to the lateral stiffnesses. It is seen that about 56 percent of P is attracted to 
the right-hand abutment (the stiffer of the two) while only 22 percent of P is 
distributed to the left-hand abutment. Each pier then resists only n percent of 
P. 

Now consider the more likely situation where the center of mass remains at the 
geometrical center of the bridge and is thus separated from the center of stiffness 
by a distance equal to one-half of a span length. The superstructure now deflects 
in both translation and rotation (torsion) and the total response is the combination 
of both deformation modes. Figure 49 presents the calculations necessary to find 
the deflections and forces in the substructures. Table 2 below summarizes these 
results and compares them against those obtained for the symmetric bridge (figure 
48). 
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PLAN VIEW 




equal spans, uniform superstructure 
superstructure acts as rigid diaphragm 
abutment stiffness is five times bent stiffness 


lateral force-deflection 
given by Pj 

where P| 

Kj 

Ai 


relationship for each substructure is 
= Mi 

= load carried by substructure i 
= iateral stiffness of substructure i 
= lateral deflection of substructure 


48: Lateral Load Distribution in a Symmetric Bridge 











center of mass 



ASSUME: • equal spans, uniform superstructure 

• superstructure acts as rigid diaphragm 

• left-hand abutment stiffness is twice bent stiffness 

• right-hand abutment stiffness is five times bent stiffness 

SINCE stiffness distribution is asymmetrical, locate center of 

stiffness using centroid of area technique 

choose origin at LH abutment 


then 

where 

and 

substitution gives 
i.e. 

CASE 1 NO TORSION 


KjOO = 2K(0) + 1K(a> + lK(2a) + 5K(3a) 

X = distance from LH abutment to centroid 
Kj = total lateral stiffness = 9K 
X = 18Ka/9K = 2a 

center of stiffness is coincident with RH bent 


ASSUME external load. P. passes through center of stiffness. Then calculations 
for load and deflection are as for symmetric case 
and can be tabulated as follows: 


Abutment/Bent 

Lateral Stiffness. Kj 

Load. Pj 

Deflection Aj 

LA 

2K 

.2222P 

• 1111P/K 

LB 

IK 

.imp 

. i m p/k 

RB 

IK 

.llllP 

.imp/K 

RA 

5K 

.5555P 

. i m p/k 

TOTALS 

9K 

.9999P 



Figure 49: Lateral Load Distribution in an Asymmetric Bridge 
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CASE 2 TORSION 

Assume external load. P. passes through center of mass (on bridge center line) 

Load is now eccentric to center of stiffness by distance a/2 

Eccentric load is equivalent to load P acting through center of stiffness and 

Twisting moment T = Pa/2 acting about vertical axis through center of stiffness 

Lateral load (P) causes pure translation as in Case 1 above 

Twisting moment (T) causes torsional rotation about center of stiffness 

Response is the direct addition of both effects 

Torsional rotation is given by 9 = T/K* 

where K* = Exj^K, and represents the torsional stiffness of the supporting substructures 
Displacements due to torsion are given by At ors i on = Xj0 
Calculations can then be tabulated as follows: 


Abutment/ 

Bent 

1 

x i 

K| 

XfKj 

x, 2 Kj 

LA 

-2a 

2K 

-4a k 

8a 2 K 

LB 

-a 

K 

-ak 

a 2 K 

RB 

0 

K 

0 

0 

RA 

a 

5K 

Sak 

5a 2 K 

TOTALS 


9K 


Ua 2 K 


2 

3 

4 

5 

Abutment/ 

A trans 

A tors 

A total 

p i 

Bent 





LA 

.1111P/K 

.0714P/K 

.1825P/K 

.3651P 

LB 

.11 11P/K 

.0357P/K 

.1468P/K 

. 1468P 

RB 

.1 mp/K 

0 

.1111P/K 

.imp 

RA 

.llllP/K 

-0357P/K 

.0754P/K 

.3770P 

TOTALS 




1.0000P 


Notes: 


1 origin for x coordinates is at center of stiffness (positive to the right; 

2 results for pure translation from Case 1 above (A trans = A,) 

3 torsional rotation 8 = T/K = Pa/2(14a 2 K) = P/28aK 

4 Atotal = A trans + ^torsion 



Figure 49: Lateral Load Distribution in an Asymmetric Bridge (continued) 
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Table 2: Redistribution of Forces due to Changes 
in Abutment Stiffness 


SUBSTRUCTURE 

DEFLECTION 

FORCES 

Symmetric 
Abutments 
LA = RA 

Asymmetric 

Abutments 

LA = 0.4 RA 

Symmetric 
Abutments 
LA = RA 

Asymmetric 

Abutments 

LA = 0.4 RA 

Left Abutment (LA) 

.0833 P/K 

.1825 P/K 

.4167 P 

.3651 P 

Left Pier (LP) 

.0833 P/K 

.1468 P/K 

.0833 P 

.1468 P 

Right Pier (RP) 

.0833 P/K 

.1111 P/K 

.0833 P 

.1111 P 

Right Abutment (RA) 

.0833 P/K 

.0754 P/K 

.4167 P 

.3770 P 


It is seen that reducing the left hand abutment stiffness causes an increase in 
its deflection by more than a factor of two. There is a similar increase in the 
deflection of the left hand pier and corresponding increases in shear forces in 
both piers (by 75 percent and 25 percent for the left- and right-hand piers 
respectively). 

Despite the fact that the two abutments now have significantly different lateral 
stiffnesses, they attract almost the same share of the applied load (about 37 percent 
of P). Since the stiffness ratio is 5:2, the left-hand abutment can therefore be 
expected to deflect about 2-1/2 times further than the right-hand abutment. Clearly, 
rotation of the superstructure is playing a significant part in the response of this 
bridge to the lateral load. 

Although every effort might be made at the design stage to keep abutment 
stiffnesses equal, once an abutment is damaged or the soils yield under an abutment 
during an earthquake, reductions in stiffness of this order are possible. 
Redistribution of load immediately follows and deck rotation occurs. This aggravates 
the situation at the already degrading abutment because of the higher deflections 
which are now imposed and it also places an additional ductility demand on the 
adjacent pier. 

Again, this example is based on a simple model to illustrate trends in bridge 
response. The most important simplification is the assumption of rigid body action 
in the superstructure, i.e. no flexure in its own plane. For certain deck types 
this assumption will be inaccurate but the principles illustrated above will generally 
be true. As the superstructure becomes more flexible, the load distribution tends 
to become more uniform. If the superstructure is perfectly flexible the bridge 
separates into a number of independent structures and the substructure loads are 
proportional to the tributary lengths of the superstructure, rather than their lateral 
stiffnesses. However this latter situation is highly unlikely to occur in typical highway 
practice but it might be approximated in structures with long slender (narrow) spans 
as sometimes found in railway bridges. 

5.1.4 Load Distribution 

Since the load path is determined by lateral stiffness, it follows that the designer can 

control the distribution of load by adjusting the stiffness of the various supporting 


90 




substructures. Changing a single column bent for a wall pier, for example, will make 
a substantial difference to the transverse loads resisted by that particular substructure. 

The impact of unavoidable variations in column height or foundation conditions on lateral 
stiffness can be softened by making deliberate structural changes to one or more of 
the substructures and/or abutments. In this way the site constraints can be 
counterbalanced to some extent. 

In both new and retrofit work, the careful adjustment of substructure stiffness can direct 
seismic loads away from weak elements and foundations and attract them into 
components more able to resist these loads. 

However, there is a limit to the extent that altering the pier section properties can 
help in this regard. In many situations it is a better strategy to introduce elastomeric 
bearings between the superstructure and selected substructures. The inherent flexibility 
of these devices can be used to advantage to achieve a more uniform load distribution 
or direct load to the desired substructures. The lateral stiffness of these bearings 
can vary over a wide range, from near zero to almost rigid, by changing the thickness 
of the elastomer. Control of load distribution is then feasible, despite widely varying 
substructure and/or foundation properties. Figure 50 illustrates the effectiveness of 
these bearings in mitigating the impact of large variations in stiffness between piers 
of different height. In this example, one column is half the height of the other and 
it is therefore eight times stiffer. This substantial difference in stiffness can be 
eliminated by introducing elastomeric bearings at the top of one or both columns. As 
shown in the figure, a pair of 30 inch square elastomeric bearings, each with 2-1/2 
inches of rubber and placed on top of the shorter column will balance the lateral 
stiffnesses almost exactly. Other combinations of bearings and piers are also possible 
as illustrated in figure 50. 


When using elastomeric bearings for this purpose, special care should be taken to 
prevent the occurrence of undesirable vertical motions especially under vehicular and 
pedestrian traffic. Elastomeric bearings can, however, be designed to be almost rigid 
in the vertical direction without seriously affecting their shear stiffness. In these 
circumstances, amplification of vertical motions through the bearings should not be 
significant. 

Elastomeric bearings are not the only way of improving the stiffness distribution. For 
example, the base of the shorter columns could be pinned to give a four-fold reduction 
in stiffness. However, this is not always feasible for single column piers because of 
the potential for instability in the transverse direction. It is however a practical 
alternative for multicolumn bents. If significant flexibility is attributable to the foundations, 
a different piling system (e.g. using batter rather than vertical piles) may help balance 
the overall distribution of stiffness. 

5.1.5 Examples of Acceptable Structural Form 

Figure 51 presents several examples of bridge structural form which are considered 
acceptable from the seismic viewpoint. They are based on the principles outlined earlier 
and on the historical record of bridge performance in past earthquakes. 

The cases illustrated range from single to multispan bridges, with and without bearings 
and joints, and with and without continuity between spans. This family of structural 
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lateral load 


fc) Combined Pier and Bearing Deflections 


Figure 50: Effect of Elastomeric Bearings on Pier Lateral Stiffness 
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(d) Calculations 


ASSUME: 


THEN 


NOW 


64ft 4 
6000 ksi 
0.1 ksi 
0.5 ksi 
2 

area of elastomer required for 

given dead load = 840/0.5 = 1680 in 2 

Since 2 bearings are to be provided on each pier. 

each bearing should be 30 x 30 inch square 

(A r = 900 in 2 ) to carry the dead load. 


dead load per pier = 7K/ft x 120 = 840K 
single column piers (6ft. dia.) I c = 

modulus of elasticity of concrete E = 

shear modulus of elastomer G r = 

allowable compressive stress in bearings = 

number of bearings on each pier = 


FROM FIGURE 47 

stiffness of pier acting as a cantilever. Kp = 3El c /h 3 

and stiffness of elastomeric bearing in shear. K^ = G r A r /T r 

therefore the shear stiffness of a pair of bearings 
with 2-1/2, 5 and 7-1/2 inches of elastomer will be 


Tr 

Kh <for two bearings) 

2-1/2 

864 K/ft 

5 

432 K/ft 

7-1/2 

288 K/ft 


THEREFORE the combined stiffness of the single column pier 
and 2 bearings will be given by: 


K T 


Kp ' Kp 

K b + K p 


Kj for various combinations of columns and bearings are given below: 


BEARINGS 

(all are 30 x 30 ins sq.) 

COMBINED 

LATERAL STIFFNESS 

RATIO 

Column Height = 30 
(K/ft) 

Column Height = 60 
(K/ft) 

k 30 

*<60 

none 

6144 

768 

8.0 

2-1/2 in. thick bearings on 
both columns 

757 

407 

1.86 

5 in. thick bearings on 
both columns 

404 

276 

HU 

5 in. thick bearing on 30 ft col. 

2-1/2 in. thick bearing on 60 ft col. 

404 

407 

mi 

7-1/2 in. thick bearing on 30 ft col. 

5 in thick bearing on 60 ft col. 

275 

276 

1.00 

2-1/2 in. thick bearing on 30 ft col. 
no bearing on 60 ft. col. 

757 

768 

.99 


Figure 50: Effect of Elastomeric Bearings on Pier Lateral Stiffness 

(continued) 
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Description 

both abutments seat-type with elastomeric bearings 
road joints at both abutments 
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Figure 51a: Examples of Acceptable Structural Form for Single Span Bridges 


















forms is not intended to be all inclusive as other combinations and forms are possible 
which also give acceptable results. H 

5.1.6 Examples of Structural Form to be Avoided 

To complement the previous section, figure 52 illustrates structural forms which are 
considered to be undesirable from a seismic point of view and should be avoided 
whenever possible. 


The various examples are presented in 3 groups: 

• longitudinal configurations to be avoided (figure 52a,b) 

• transverse configurations to be avoided (figure 52c.d) 

• pier configurations to be avoided (figure 52e,f). 

Again, these examples are not all inclusive but are simply meant to be representative 
of poor structural form. It is also true that in many cases these undesirable structures 
can be upgraded to “acceptable" by relatively straightforward means. 


5.2 UNUSUAL BRIDGES 

This section reviews the seismic performance and design considerations for bridges 
of either unusual geometry or unusual form. Some notes on bridges in difficult sites 
complete this short review. This discussion is taken from reference 29 and has been 
modified where appropriate to suit U.S. conditions and practices. 

5.2.1 Bridges of Unusual Geometry 

Bridges of conventional structural type but unusual or extreme geometry require special 
care during design. The effect of extreme curvature, skew, height, length or width 
on seismic response should be considered and special precautions taken to avoid 
premature damage. This may take the form of performing more sophisticated analyses, 
aking special care with detailing and being more conservative when estimating forces 
and deformations. Further, the importance and/or exceptional cost of these bridges 
may justify a site-specific study to determine a design spectrum appropriate for the 
site and the bridge. This spectrum would then be used instead of the lateral seismic 
coefficient as given in the various codes and specifications. 

A. Bridges with Severe Curvature 


The seismic response of muitispan bridges with large horizontal curvature and/or 
a large horizontal deflection angle is difficult to predict with accuracy, particularly 
when the superstructure is torsionally stiff, as will generally be the case, to improve 
live load distribution. Full three dimensional modelling and analysis may be necessary 
to assure accuracy of force and deflection calculations. Multimode response will 
in general be important and results from single mode methods should be viewed 
with caution (see chapter 10). 


Significant axial seismic forces may be induced in individual piers, even when each 
pier consists of a single column. Hinging may occur at the top of single-column 
piers cast monolithic with the superstructure. 
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Description 

both abutments seat-type with elastomeric bearing 
stiff column is off-center, monolithic with deck 
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Figure 52c: Examples of Structural Forms to be Avoided 
for Transverse Response of Highway Bridges 
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Figure 52d: Examples of Structural Forms to be Avoided 
for Transverse Response of Highway Bridges (continued) 
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on a wall of different height 
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The direction of relative movements or restraining forces at joints in the 
superstructure will be uncertain, and allowance for this should be made in detailing. 

B. Bridges with Severe Skew 

Skew bridges tend to rotate about a vertical axis during an earthquake. In both 
the San Fernando earthquake of 1971 and the Eureka earthquake of 1979, there 
was evidence of severe column damage due to this rotation and the consequential 
torsional shear forces. Abutments were also damaged as a result of increased 
longitudinal displacements and inadequate seating lengths. Figure 23 shows the 
collapse of two spans of a bridge during the Eureka earthquake due to this 
phenomenon. 

Although there is some theoretical evidence to support this behavior the mechanisms 
are not clearly understood. Consequently, conservative assumptions should be made 
regarding necessary clearances, seating lengths, lateral restraint at abutments, and 
seismic shear forces for the intermediate piers. To survive these torsional moments 
and shears and the increased flexural ductility demand, conservative detailing in 
the columns should be adopted. For example, confining steel should extend over 
the full height of the columns, and not just be located in the plastic hinge zones. 

C. Bridges with Tall Piers 

Tall piers may be subjected to high inertial forces due to the response of the 
distributed mass of the pier itself. Ductility demands at intended plastic hinge 
locations may be substantially increased, and there may be a potential for plastic 
hinging to occur at a location close to mid-height, if the columns have substantial 
self weight. If preliminary analyses based on elastic response of distributed mass 
systems indicate the possibility of such behavior, the only realistic analysis will 
be a full dynamic inelastic time history analysis of the complete bridge system. 
Tall columns should be checked for additional moments due to P-A effects. 
Results of such an analysis may be highly dependent on stiffness values assumed 
for the columns. Because of a need to reduce inertial response, lighter framed 
bent systems might be preferable to heavier wall pier systems. 

If the superstructure of a bridge in this category is restrained transversely at the 
abutments, the bending of the superstructure in the horizontal plane may be critical 
due to large lateral displacements of the piers. Similarly, for single column bents, 
torsion of the superstructure may be critical as a result of rotation of the column 
top when displaced laterally by a large amount. 

D. Bridges with Piers of Differing Heights 

When bridges span steep sided river valleys, substantial differences in adjacent 
column heights may be inevitable. Where possible, the stiffnesses of the 
substructures should be adjusted to result in as uniform a distribution of stiffness 
as possible. 

Where such attempts to "regularize" the structural response are impractical, analyses 
must establish the realistic mass distribution to each substructure, and how this 
is influenced by sequential, rather than simultaneous yielding of the separate bents. 
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particularly in the longitudinal direction. The results of a carefully detailed elastic 
analysis can provide the basis for making this assessment but for bridges of unusual 
size and/or importance, an inelastic analysis may be necessary. For multispan 
bridges, transverse flexibility of the superstructure will generally become significant, 
particularly after initial yielding of some columns. Lateral forces transmitted back 
to abutments may be substantially different from those predicted by elastic analysis. 

Before engaging in such analyses, it might be preferable to consider modifying 

the substructures to lessen the effect of the tall piers. This has been discussed 

earlier in section 5.1.4 and Illustrated in figure 50. Possibilities include introducing 

pins at the base of the shorter columns, using batter piles under the taller piers, 

or placing elastomeric bearings at the top of one or more columns. On the other 
hand, it may be easier to make all substructures rigid and use energy dissipating 
devices to obtain ductility. Elastomeric bearings on all substructures would also 
be necessary here. 

E. Bridges with Long Continuous Spans 

Although the inherent flexibility of these structures should result in satisfactory 
performance, transverse superstructure deformations will become significant in bridges 
where the total length/width ratio is high. Mode shapes and forces induced in the 
support systems will be influenced by this flexibility, and superstructure plastic hinging 
may occur in extreme cases. Horizontal forces and displacements should be based 
on realistic estimates of transverse and longitudinal mode shapes and analysis 
should at least be on the basis of a multi-mode response spectrum approach. 

Response of the superstructure to vertical acceleration should also be examined. 

F. Bridges with Long Discontinuous Spans 

The response of long bridge superstructures separated into two or more sections 
by expansion joints can be difficult to predict. Out-of-phase ground movements, 
as well as structural differences between the separate sections may cause substantial 
relative movements across these joints. 

For longitudinal response it will generally be conservative to assess seismic forces 
and ductility demands on columns by considering each section independently. 
Maximum feasible relative displacements at the expansion joints could be obtained 
by considering peak displacements of the adjacent sections to be out of phase. 
However, a more realistic estimate of forces and relative longitudinal displacements 
may be obtained by modelling the expansion joint as a spring system to represent 
the combined shear stiffness of the bearings and the axial stiffness of seismic 
linkage bolts or cable restrainers. Out-of-phase ground movements at supports may 
add to relative displacements and should be considered. 

A serious disadvantage of the spring representation for joint behavior is that it 
does not model impact as the joint closes. However, the overall response of the 
structure is expected to be adequately modelled using springs, but the detail design 
of the restrainers and bearings should use forces calculated by alternate procedures, 
such as those outlined in section 9.5.1. 
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The expansion joint will act as a hinge for transverse seismic response. The 
resulting loss of stiffness to the superstructure may cause an increase in 
displacements, and hence increased ductility demand to the substructures on either 
side of the joint. Realistic modelling of the articulation is necessary to ensure 
adequate prediction of transverse response. Such a model should include the 
restraining forces at the joint provided by the bearings and linkage systems- and 
the possibility of impact associated with total joint closure. 

G. Bridges with Substructures in Deep Water 

The response of bridge substructures in deep water is affected by hydrodynamic 
mass of a volume of water being forced to move with the pier. A reasonable 
estimate of the hydrodynamic added-mass is the mass of a circular cylinder of 
water of diameter equal to the column width perpendicular to the direction of motion, 
and length equal to immersed depth. This mass should be added to the 
substructure mass when considering the seismic response. 

5.2.2 Bridges of Unusual Type 

Typical highway bridges have either steel or concrete girder superstructures and rely 
on columns and foundation structures to provide resistance and ductile response to 
earthquakes. Because of their wide use and occurrence, these girder bridges have 
been the focus of most of the discussion so far. But at least three other bridge types 
also deserve consideration, particularly in view of their importance for longer span 
bridges. These are the trusses, bridges with cable-supported decks and arch bridges. 

A. Trussed Superstructures 

The steel truss was frequently used for medium-span bridges until it was overtaken 
by the more economic and aesthetically pleasing box girder. From a seismic point 
of view, there is almost no difference in performance between a truss and a girder 
superstructure. Since the substructure dictates seismic performance, and these 
are usually the same for both bridge types, similar behavior can be expected. The 
inherent in-plane stiffness of a 3-dimensional truss will assure adequate lateral 
load distribution to the piers and abutments and no special considerations are 
therefore necessary for this class of bridge. 

B. Cable-Supported Superstructures 

Suspension and cable-stayed bridges have structurally complex superstructures. 
Because of the typically long spans involved, superstructures are relatively flexible 
both vertically and transversely. In assessing transverse and longitudinal seismic 
forces induced in superstructure elements or transmitted to supporting piers, realistic 
estimates of mode shapes, including consideration of flexibility of the superstructure, 
must be adopted. It is probable that as a result of long fundamental periods, 
response will be dominated by higher mode effects. As the superstructure will 
probably be required to remain elastic during the design earthquake, analysis may 
consist of an elastic modal analysis approach. However, at high amplitudes of 
vibration, nonlinear behavior due to large deflections in both suspension and cable- 
stayed bridges will tend to invalidate most modal techniques. Low damping can 
be expected from elastic response of continuous steel superstructures in the 
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longitudinal and transverse directions. For analysis it is recommended that a value 
of 2 percent of critical damping be assumed. 

In the vertical direction, cable-stayed bridges may have high damping due to unequal 
cable lengths, and the non-linear load-displacement characteristics of the bridge. 
If the displacements are of small amplitude and response essentially linear, then 
this large damping may not be apparent. Vertical response of suspension bridges 
in the higher modes may have low damping, and should be considered. 

There is little information available on the ductility of such large elements as are 
commonly used for piers of cable-supported bridges. Consequently such piers 
should be designed for low ductility levels, or if possible, to remain elastic under 
the design earthquake. Because of large distances between major piers, large 
out-of-phase displacements may occur. Although the superstructure flexibility is 
likely to be such that these displacements can be easily accommodated, checking 
is necessary. Analyses should be based on a relative longitudinal or transverse 
displacement of adjacent major piers equal to twice the maximum response 
displacement. 

C. Arch Bridges 

It is difficult to detail arch bridges for ductility, and, where possible, they should 
be designed to respond elastically to the design earthquake. However, this may 
be too restrictive for some arch bridges and elastic response may not be economic. 
This requirement might therefore be relaxed if the structure is of steel, and 
perhaps also for those concrete arches which can be designed to exhibit some 
ductile response. A detailed structural analysis may be necessary to define 
longitudinal and transverse mode shapes. 

Special consideration must be given to relative longitudinal displacement of the 
arch springing due to out-of-phase ground motion and seismic response 
displacements of the typically steep embankments. Detailed geotechnical 
investigations should be carried out to establish the integrity and stability of the 
embankments under seismic conditions. 

5.2.3 Bridges in Difficult Sites 

Whenever possible, bridges should not be sited in locations where adverse ground 
conditions significantly increase seismic risk. Such locations include sites crossing 
or immediately adjacent to an active fault, steep slopes with potential instability under 
earthquake conditions, and sands with a potential for liquefaction. 

A. Sites Across or Near Active Faults 

Bridges crossing or immediately adjacent to active faults may be subjected to large 
relative displacements of adjacent piers or supports as a result of surface faulting. 
Although the probability of such occurrence at a given location during the design 
life of the bridge will be very low. the possibility should be considered in assessing 
a suitable structural type. A conservative design, particularly in terms of 
displacement capabilities should be adopted. Design of substructures should aim 
at providing the maximum capacity possible, by use of extra confinement in the 
plastic hinge zones. It may be advisable to provide an inner confined core capable 
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of supporting the structural dead weight on the assumption that the outer flexural 
confinement will have failed under an extreme event. This has the added advantage 
that under moderate, though not catastrophic inelastic displacements, the piers 
may be repaired by cutting out and replacing the buckled outer layer of steel. 

Whenever possible, single span, low level crossings of active faults are preferred. 
However, if multispan crossings are necessary, the relative merits of continuous 
construction compared to simple spans should be carefully evaluated. Although simple 
spans have the advantage of additional flexibility, difficulty will be experienced in 
ensuring that the spans do not drop from supports. To minimize this risk, very 
generous support lengths should be provided. The additional redundancy of continuous 
superstructures which are monolithic with their supporting substructures will tend 
to reduce the probability of total collapse. There is, however, a practical limit to 
the amount of relative displacement across a fault that can be accommodated in 
a monolithic structure. One alternative is to support a continuous superstructure 
on elastomeric bearings over each pier and at each abutment. These bearings 
can be designed to accommodate relatively large displacements and still provide 
an elastic restoring force to the superstructure. Additional restrainers may also 
be provided in parallel with the bearings if gross movements are expected. Note 
that accelerographs of recent earthquakes indicate that vertical ground accelerations 
close to a fault can substantially exceed I.Og. In these situations, monolithic 
construction is to be preferred but if elastomeric bearings are used, vertical 
restrainers should be provided to limit the effects of uplift. 

It should be recognized that the purpose of design for such an extreme event 
will be to avoid, or at least minimize, loss of life by reducing the probability of 
total collapse. After such an earthquake it is probable that the bridge will have 
to be demolished and replaced. 

B. Slopes with Instability Potential 

Many bridges are inevitably sited across steep-sided valleys. Detailed geotechnical 
investigations should be made to assess potential for slope instability under seismic 
attack. For major structures these investigations should include geological and 
geomorphic studies including expert study of aerial photographs, for evidence of 
bank movement under recent earthquakes, as well as material testing and extensive 
bore-hole and trenching investigations to check for unstable layers and vertical 
fissures. Particular attention should be paid to drainage to prevent infiltration of 
surface water and increased porewater pressures in potential failure regions. Special 
studies should be made to investigate the practicality of improving factors of safety 
against slope failure using such means as unloading the banks by removal of 
overburden. It may be advisable to site each abutment well back from the top of 
the slope, and tie back any intermediate pile caps located on the bank using rock 
anchors or other techniques. 

C. Liquefiable Foundations 

There does not appear to be any viable method to design a bridge to remain 
serviceable if liquefaction occurs under one or more of the substructures. As 
liquefaction can occur at considerable distances from the epicenter, the factor of 
safety against liquefaction must therefore be high. In rare cases when the factor 
of safety is felt to be only marginally acceptable, the design should aim to provide 
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maximum feasible ductility capacity to avoid total catastrophic collapse. Much of 
the above discussion concerning design for sites near active faults is applicable 
here also. But in contrast to the near-fault hazard, there are several techniques 
for reducing the probability of occurrence of liquefaction. These range from the 
use of stone columns to the removal of liquefiable material from the site. 
Liquefaction is discussed in greater detail in section 9.7 and references 4 and 
6 . 


5.3 STRUCTURAL DETAILS 

As illustrated in figure 46, there are four basic components to a typical bridge system. 
These are: 

• Superstructure. 

• Bearings/Joints/Shear Keys. 

• Substructures. 

• Foundation Structures. 

It is the purpose of this section to review some typical configurations for each of these 
components and to highlight details which are considered important from a seismic 
point of view. 

5.3.1 Superstructures 

The most commonly used bridge superstructures are: 

• Steel stringer bridges with concrete deck slabs. 

• Precast prestressed concrete girder and slab bridges. 

• Cast-in-place post-tensioned or reinforced concrete T-girder and box 
girder bridges. 

Each type can be used for simple and continuous spans and can be made integral 
with abutments and supporting structures if desired. Today there is clear preference 
for reducing the number of joints in a superstructure, primarily for maintenance reasons, 
but also because of the improved seismic performance that accrues from continuity. 

Also of importance is the rigidity of the superstructure to in-plane loads. Generally 
this is improved if there are end and intermediate diaphragms to restrain section 
distortion within the deck and to preserve composite action between the webs and 
flanges. Box girders are particularly attractive because of their high in-piane rigidity 
and their consequential ability to distribute loads back to the abutments. In very long 
span structures this property is less important since the superstructure will be flexible 
no matter what the section, but as a general rule, a superstructure with a closed 
or partially closed cross-section will behave better than one that is open and prone 
to distortion. 

Sometimes, for reasons of economy in construction, precast simply supported spans 
are preferable even for multi-span structures. In these cases, it is possible to provide 
a measure of continuity for in-plane loads by making the deck slab continuous. To 
prevent imposing unintentional continuity for live load, the slab reinforcement is detailed 
to permit rotation about a horizontal axis near each support while still transfering in¬ 
plane forces from span to span. 
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5.3.2 Bearings. Joints. Shear Keys, Restrainers 

Bearings are provided in continuous and simple span structures to permit relative 
movements to occur between the superstructure and the various substructures due to 
temperature, as well as accommodate shortening due to prestress (where provided) 
and creep and shrinkage (if a concrete structure). 

Of particular importance, from the seismic point of view, is that the seating widths be 
generously proportioned so as to avoid spans falling from their supports. Guidelines 
for these support lengths are discussed in sections 7.4, 7.5 and 7.6. 

Shear keys, bearings with side stops, and other restraining devices (such as cable 
systems) should be designed to transmit realistic earthquake forces elastically. In other 
words, these items of hardware, which are critical to the integrity of the structure, 
must have sufficient strength to remain elastic during the design earthquake for the 
site. Particular attention should be given to shear keys because failure in shear is 
usually brittle and catastrophic. These items must therefore be overdesigned and design 
forces which are, say, 20 percent higher than the elastic forces should be used. 
Postelastic behavior should only be considered for these elements during extreme 
earthquake events. 

5.3.3 Substructures 

Single columns, wall piers and multicolumn bents are the most common form of 
substructures. It is economically feasible to design columns to yield and dissipate 
significant amounts of energy and to perform in a ductile manner. 

Wall piers are very much stiffer in the transverse direction than bent piers and generally 
force ductile action into the foundation structures. If these are piles, plastic hinging 
may occur at depth which could be difficult to inspect and repair. If piles are not 
used, rocking may occur under a wall pier which may then have undesirable 
consequences for the superstructure-uplift and torsional deformations will be imposed 
simultaneously. 

5.3.4 Foundation Structures 

Footings and piles are the most common form of bridge foundation structure. Spread 
footings are economical and used wherever adequate soil conditions occur near the 
surface. Piles are generally used in groups and may be vertical or batter to transfer 
superstructure forces to load bearing soils at depth. However, drilled shafts are becoming 
increasingly popular because they are generally cheaper than multipile foundations and 
can be used in congested locations with minimum disruption to existing services. 

Two types of abutments are commonly used and these are illustrated in figure 53. 
These are the monolithic, or integral abutment, and the seat-type abutment. The essential 
difference is that one permits relative movement to occur between the superstructure 
and end support and the other does not. 

Within the class of monolithic abutments there are several variants. Two of these are 
shown in figure 53a. Both use an end diaphragm to transfer forces into the abutment, 
but in one case the diaphragm Is supported directly on vertical piles and in the other 
it rests on a strip footing. 
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Figure 53: Typical Bridge Abutments 









In the former situation, the vertical piles are usually sufficiently flexible to permit 
shortening of the superstructure due to prestress, shrinkage, creep and thermal effects. 
Reinforced concrete bridges up to 400 ft in total length have been successfully supported 
on piled abutments of this kind without evidence of distress. When piles are not 
necessary, a neoprene pad or similar material is provided to permit the relative 
horizontal movements to occur between the diaphragm and footing. This movement is 
virtually unrestrained in the direction away from the backfill but is limited to about 
1/2 inch in the opposite direction, i.e. towards the backfill. Here a shear key is provided 
to assist in distributing the longitudinal seismic forces into the soil and to help mobilize 
the energy absorption capacity of the backfill. The small gap between shear key and 
end diaphragm permits thermal expansion to occur in the superstructure. To prevent 
soil falling into this gap, it is usually filled with an expansion joint filler compound. 
Shear keys are also provided at the ends of the footing to restrain transverse movement. 

As noted above, monolithic abutments will mobilize the backfill under both longitudinal 
and transverse loads and can therefore dissipate or absorb significant amounts of energy 
during an earthquake. If it is intended to attract large forces into the abutment, this 
abutment type is to be preferred. However, damage to the end diaphragm, wing walls 
and piles may be severe because of the large forces to be resisted. 

On the other hand, if elastic forces are used to proportion these components, overall 
collapse should be prevented. As an added precaution, the berm width should be 
generously proportioned so as to prevent total loss of support should the end diaphragm 
fail catastrophically. 

The major attraction of the monolithic abutment is that it is economical to construct 
and maintain because of the absence of road joints and bearings. However, a serious 
problem can arise with these abutments. Whereas superstructure shortening can be 
accommodated in the abutment itself, the backfill and road surface may not follow 
the movements of the end diaphragm. The gap that forms behind the diaphragm permits 
the intrusion of water and can lead to the erosion of the slope below the abutment 
and severe washouts may be experienced. To minimize the risk of this occurring, 
limitations are usually placed on the total length of the structure that can be supported 
on monolithic abutments. These restrictions are more severe for cast-in-piace prestressed 
concrete superstructures to allow for additional movements due to plastic shortening. 
Table 3 presents a set of maximum bridge lengths (as recommended by Caltrans). 
which should not be exceeded if monolithic abutments are to be used. Note that these 
are a function of temperature range and superstructure type and are intended to limit 
the maximum movement from all sources at one abutment to less than or equal to 
3/4 inch. 
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Table 3: Recommended Maximum Bridge Lengths (feet) for Monolithic Abutments 

(from Reference 30) 


Temp. (°F) 

Range 

SUPERSTRUCTURE TYPE 

Steel 

Reinforced 

Concrete 

Precast 

Concrete 

CIP/Prestressed 

Concrete 

80 

240 

260 

240 

150 

100 

200 

210 

200 

130 

120 

160 

180 

170 

120 


It is also worth noting that Caltrans will not use monolithic abutments on a bridge 
that carries storm water by open channel flow [reference 31], Bridges which are on 
a slope may be used by local authorities to channel uphill runoff over depressed 
freeways or similar obstacles. To avoid the flow of a large volume of water behind 
the end diaphragm, seat-type abutments are used with a flexible road joint seal at 
the abutment to ensure water tightness of the road and bridge surface. 

In addition to providing a watertight seal, seat-type abutments also permit better control 
over the seismic forces imposed at the abutment and in general, they sustain less 
damage during an earthquake than a monolithic abutment. The joint can be adjusted 
in size from a few inches for thermal movement to a few feet for seismic effects. 
However, the cost of providing a road joint to accommodate seismic deflections of 
the order of 2-3 feet will be prohibitive and a compromise is usually adopted. A smaller 
gap (and cheaper road joint) is provided which is sufficient to accommodate thermal 
movements and small-to-moderate earthquakes. During a major earthquake (the design 
event) impact against the abutment wall is expected and some damage tolerated. There 
are various schemes to mitigate the extent of this damage which use a break-away 
section near the top of the wall. After failure, the superstructure has the necessary 
freedom to move. Temporary repairs can be completed quickly and permanent 
reconstruction of the damaged section is inexpensive [reference 32], 

Regardless of the detail used in the joint itself, seat-type abutments must be provided 
with generous seat lengths. Recommendations for these dimensions are given in chapter 
7. Seat abutments also reduce the redundancy in a bridge by the introduction of an 
extra joint. The associated increase in flexibility results in higher deflections but these 
can be accommodated in elastomeric or sliding bearings without difficulty. If the 
deflections become excessive, the generous seat lengths noted above should be adequate 
protection against loss of support. 
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CHAPTER 6 DESIGN LOADS 


The detailed seismic design of a bridge is performed once a basic design concept 
(chapter 5) has been developed. An outline of the design process is given in figure 

54 and involves as a first step an analysis of the structure using the appropriate design 

loads. 

The magnitude of the design loads, determination of the component design forces and 

the associated detailed design requirements presented herein and in chapter 7 are 

a function of the design philosophy (chapter 4). Primary emphasis is given to the 
design philosophy and design requirements of the AASHTO Guide Specifications Ireference 
43. 

In the development of the design loads, it must be emphasized again that the 
specification of earthquake ground shaking cannot be achieved solely by following a 
set of scientific principles, for the following reasons. First, the causes of earthquakes 
are still not well understood and experts do not fully agree as to how the available 
knowledge should be interpreted to specify ground motions for use in design. Second, 
to achieve workable bridge design provisions it is important to simplify the complex 
matter of earthquake occurrence and ground motions. Finally, any specification of 
a design ground shaking involves balancing the risk of that motion occurring against 
the cost to society of requiring that structures be designed to withstand that motion. 
Hence judgment, engineering experience and political wisdom are as necessary as 
scientific knowledge. In addition, it must be remembered that design ground shaking 
alone does not determine how a bridge will perform during a future earthquake. There 
must be a balance between the specified shaking and the rules used to assess structural 
resistance to that shaking. 

In the AASHTO Guide Specifications, the design loads are expressed as a design 
coefficient or design response spectra (section 2.5 and 3.4) which represent the expected 
realistic force levels for the site. These force levels are derived such that they have 
a 10 to 20 percent chance of being exceeded every 50 years and are a function of 
the acceleration coefficient and the site soil conditions. The factors on which these 
design loads are based are discussed in section 6.1. 6.2 and 6.3 of this chapter. 
The component design forces are obtained by dividing the elastic forces, obtained 
from the analysis, by a Response Modification Factor, the basis of which is discussed 
in section 6.4. The detailed design requirements of the AASHTO Guide Specifications 
are a function of a bridge's Seismic Performance Category. These categories are 
discussed in section 6.5. 


6.1 ZONING MAPS AND ACCELERATION COEFFICIENT 

The first step in the determination of the design loads is the use of seismic zoning 
or regionalization maps to determine the zone in which the bridge site is located. 
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CONCEPTUAL DESIGN 



Figure 54: Design Process 
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This defines a level of seismic risk and it is useful to understand the basis on which 
these maps were developed. The following discussion is the basis for the Seismic 
Zoning or Regionalization Maps shown in figure 55. These maps are based upon two 
major policy decisions. 

The first is that the probability of exceeding the design ground shaking should, as 
a goal, be assumed to be equal in all parts of the United States. The desirability 
of this goal is accepted within the profession. However, there is some disagreement 
as to the accuracy of estimates of probability of ground motion as determined from 
current knowledge and procedures. Use of a contour map based on uniform probability 
of occurrence is a departure from that implied in the zone maps of the AASHTO 
Standard Specifications [reference 1J shown in figure 56. These are based on estimates 
of maximum ground shaking experienced during the recorded historical period without 
any consideration of how frequently such motion might occur, it is also recognized 
that the real concern is with the probability of structural failures and resultant casualties 
and that the geographical distribution of that probability is not necessarily the same 
as the distribution of the probability of exceeding some ground motion. Thus, the 
goal as stated is the most workable one for the present but not necessarily the ideal 
one for the future. 

The second policy decision is that the regionalization maps should not attempt to 
microzone. in particular, there is no attempt to locate actual faults on the 
regionalization maps, and variations of ground shaking over short distances—about 10 
miles or less—are not considered. Any such microzoning must be done by qualified 
professionals who are familiar with localized conditions. Many local jurisdictions may 
find it expedient to undertake microzoning. 

6.1.1 Design Earthquake Ground Motion 

The determination of appropriate seismic design loads, although complex in reality, 
has been significantly simplified for code application. To state the concept rather 
than provide a precise definition, the design ground motion for a location is the ground 
motion that the engineer should consider when designing a structure to provide a 
specified degree of protection for life safety and to prevent collapse. 

At present, the best workable tool for describing design ground shaking is a smoothed 
elastic response spectrum for single degree-of-freedom systems (sections 2.5 and 3.4). 
Such a spectrum provides a quantitative description of both the intensity and frequency 
content of ground motion. Smoothed elastic response spectra for 5 percent damping 
are used as a basic tool for the representation of local ground conditions. 

6.1.2 Risks Associated with the Contour Map 

The probability that the recommended Acceleration Coefficient and associated response 
spectra at a given location will not be exceeded during a 50-year period is estimated 
to be about 90 percent. At present, this probability cannot be estimated precisely. 
Moreover, since the maps were adjusted and smoothed by the project engineering panel 
of the Applied Technology Council, after consultation with seismologists, the risk may 
not be the same at all locations. However, it is believed that the probability of the 
design response spectra not being exceeded is in the range of 80 percent to 90 
percent. The use of a 50-year interval to characterize the probability is a rather 
arbitrary convenience, and does not imply that all bridges are thought to have a useful 
life of 50 years. 
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Figure 55: Acceleration Coefficient - Continental United States 

(from Reference 4) 
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6.2 INFLUENCE OF SOIL CONDITIONS ON GROUND MOTION 


?ha t kinn P a e n S r!hp rn rn there V widespread agreement that the characteristics of ground 
shaking and the corresponding response spectra are influenced by: 

• The characteristics of the soil deposits underlying the proposed site 
(section 2.5). 

• The magnitude of the earthquake producing the ground motions (section 

• (section r ?2Tnd 3 2 3? ° f ^ earthquake P roducin 9 the ground motions 

• The distance of the earthquake from the proposed site and the qeoloav 

of the travel path (section 2.4). y yy 

^!' e '*r'f conceptuai, y desirable to include specific consideration of all four of the 
factors listed above it is usually not possible to do so in a code environment because 
of the complexity of the problem. Sufficient information is available to characterize 

a n e T a ! W h y ' the effeCtS 0f specific soil conditions on effective peak acceleration 
and spectral shapes. The effects of the other factors are so poorly understood at 
this time that they are often not considered in spectral studies. 

hp e rn^iH^L the eff t ects t of Z 0031 soil conditions on ground motion characteristics should 
fhP wnrf M structural design has ,on 9 been recognized in many countries of 
the world. Most countries considering these effects have developed different design 

5011 conai,ions ' Ty > icaH *- «p ^ 

‘ n .. the A w A ? HT0 Guide Specificati ons. spectral shapes representative of four different 
soil conditions were selected from a study performed by Seed et al [reference 16] 
The mean spectral shapes were based on 104 recorded ground motion records primarily 

u r nhed ea states ake Thp 0S t e t t ? T SeiSmiC S ° UrCe Z °" e in past earth 9 uakes in the Western 
United States. The statistical mean of these shapes for the four different soil conditions 

nf thr^h m 9yre . 57 ' 11 was considered appropriate to simplify the curves to a family 
^Lr h tr!fn by Combmm 9 the spectra for rock and stiff soil conditions; the normalized 
spectral curves are shown in figure 58. The curves in this figure thus apply to the 
following three soil conditions. 


Soil Profile Type I is a profile with either: 


Rock of any characteristic, either shale-like or crystalline in nature 
(such material may be characterized by a shear wave velocity greater 
an 2,500 ft/sec (760 m/sec), or by other appropriate means of 
classification); or 


2. Stiff soil conditions where the soil depth is less than 200 ft. (60 

m) and the soil types overlying rock are stable deposits of sands 
gravels, or stiff clays. 


" iS 8 pr0file with stiff cl£J y or deep cohesionless conditions where 
the soil depth exceeds 200 ft. (60 m) and the soil types overlying rock are stable 
deposits of sands, gravels, or stiff clays. uvenymg rocx are stable 
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Figure 58: Normalized Response Spectra 
(from Reference 4) 



Figure 59: Ground Motion Spectra for A = 0.4 
(from Reference 4) 
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Soil Profile Type III is a profile with soft to medium-stiff clays and sands, characterized 
by 30 ft. (10 m) or more of soft to medium-stiff clays with or without intervening 
layers of sand or other cohesionless soils. 


Ground motion spectra for 5 percent damping are obtained by multiplying the normalized 
spectral values shown in figure 58 by the appropriate Acceleration Coefficient obtained 
from figure 55 and by a correction factor of 0.8 if Soil Profile Type III exists. The 
resulting ground motion spectra for an Acceleration Coefficient of 0.4 are shown in 
figure 59. It should be noted that these spectra are modified before they are used 
in the design provisions (section 6.3). 

Ground motion spectra for vertical motions may be determined with sufficient accuracy 
by multiplying the ordinates of the spectra for horizontal motions by a factor of 0.67. 


6.3 DESIGN COEFFICIENTS AND DESIGN SPECTRA 

The determination of appropriate seismic design loads, although complex in reality, 
has been significantly simplified for code application. 

For the simplified single degree of freedom model (section 3.1). the lateral earthquake 
design force (F) is generally express as a fraction on weight (W) of the superstructure. 
The basis for this expression is as follows: 

force = mass x acceleration (Newton's Second Law) 

= Ma 


Now. if acceleration is expressed as a fraction of the acceleration due to gravity (g), 

force = M.Cg 
= C.Mg 


where C is an acceleration coefficient (fraction of gravity). 

In modern design codes. C is called a lateral design force coefficient or seismic load 
coefficient and is a function of: 

• seismic zone. 

• period of the bridge. 

• site soil conditions. 


For use in a design code, it is advantageous to express the lateral design force 
coefficient in as simple a manner as possible. For example, in the AASHTO Guide 
Specification Ireference 4] this coefficient is identified as C s . and is given by: 

r _ 1.2AS 

u s ~ T 2/3 (22B) 


where A is an acceleration coefficient as given 

by the seismic zoning map of figure 55; 
S is a site coefficient as given in table 4; 
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and T is the period of the bridge in seconds. 

Note that this is an empirical relationship and T must be expressed in seconds for 
it to be valid. Coefficients A, S and C s are nondimensional and therefore are 
independent of the chosen system of units. 

Figure 60 shows C s plotted against T for various site and acceleration coefficients. 
Note that the upper limit for C s is 2.5A. For Soil Profile Type lit. in areas where 
A exceeds 0.30, the maximum value for C s is 2.0A. Note also that the use of a 
simple soil factor in the equation directly approximates the effect of local site conditions 
on the design requirements as discussed in section 6.2. 


Table 4: Site Coefficient (S) 



Soil 

Profile 1 

type 

1 

li 

III 

s 

1.0 

1.2 

1.5 


In the discussion on spectral shapes in section 6.2 and shown in figures 58 and 59, 
the recommended ground response spectra decreases approximately as 1/T for longer 
periods. However, because of the concerns associated with inelastic response of longer 
period bridges it was decided that the ordinates of the design coefficients and spectra 
should not decrease as rapidly as 1/T but should be proportional to 1/T 2/3 . 

A comparison of the spectra resulting from equation (22) and those of the AASHTO 
Guide Specification recommended ground response spectra, is given in figure 61. It 
will be seen that in the development of AASHTO Guide Specifications, the elastic seismic 
response coefficient and spectra is approximately 50 percent greater at a period of 
2 sec. (for stiff soil conditions) than would be obtained by direct use of the 
recommended ground response spectra. This increase gradually decreases as the 
period of the bridge shortens. The two major reasons for introducing this conservatism 
into the design coefficients and spectra (for long period bridges) are: 

1. The fundamental period of a bridge increases as the column height 
increases, the span length increases and the number of columns 
per bent decreases. Hence the longer the period the more likely 
that high ductility requirements will be concentrated in a few 
columns. 

2. Instability of a bridge is more of a problem as the period increases. 

The determination of the design coefficient or design response spectra generally includes 
the following steps: 

STEP 1 Determine the Seismic Zone for the bridge site. This is generally done 
by reference to a seismic zoning map; e.g., figure 55 for the AASHTO Guide 
Specifications and figure 56 for the AASHTO Standard Specifications. 
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STEP 2 Determine the Acceleration Coefficient for the appropriate zone—in the 
AASHTO Guide Specifications the Acceleration Coefficient is given on the 
zoning map of figure 55. 

In the AASHTO Standard Specifications and current CalTrans requirements, 
acceleration coefficients are specified for each zone of the map. 

STEP 3 Determine the site coefficient for the bridge site—in the AASHTO Guide 
Specification there are three soil profiles defined and a site coefficient (table 
4) is assigned to each profile. 

In the AASHTO Standard Specifications and the Caltrans requirements the 
site coefficient for four soil profiles is incorporated directly In the plots of 
the response coefficient (AASHTO) and design spectra (Caltrans). 

STEP 4 Determine the design coefficient or design response spectra—in the AASHTO 
Guide Specifications the design coefficient and response spectra are expressed 
as a function of the acceleration coefficient, site coefficient and period of 
the bridge. Spectra with varying Acceleration Coefficients and site coefficients 
are shown in figure 60. 

In the AASHTO Standard Specifications requirements, coefficients are presented 
as plots. There are four separate plots for each of four soil types. The 
design coefficient plots incorporate a reduction factor for ductility and risk 
assessment, i.e., these plots have already been reduced assuming ductile 
performance of the substructures. In the CalTrans requirements, design 
response spectra are also presented as plots but are not reduced. As 
with AASHTO there are four separate plots for each of four different soil 
types. The design coefficient is obtained from the design response spectra. 


6.4 RESPONSE MODIFICATION FACTORS 

In the AASHTO Guide Specifications, seismic design forces for individual components 
and connections of bridges are determined by dividing the elastic forces obtained from 
the analysis (using the design coefficient or spectra specified in section 6.3) by the 
appropriate Response Modification Factor (R). The Response Modification Factors for 
the various components are given in table 5. 

Response modification factors (R-factors) are introduced to implement the design 
philosophy of the AASHTO Guide Specification as outlined in section 4.1. They are 
used to obtain the design forces for each component using the results of an analysis 
of the bridge when subject to the seismic loads of the elastic design spectra. Inherent 
in the R-factors is the assumption that the columns will yield when subjected to the 
elastic forces induced by the design ground motions and that connections and 
foundations are to be designed to accommodate the design ground motion forces with 
little, if any, damage. 

The rationale used in the development of the R-factors for columns, piers and pile 
bents is based on considerations of redundancy and ductility provided by the various 
supports. The wall type pier is judged to have minimal ductility capacity and redundancy 
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PERIOD IN SECONDS 


Figure 60: Representative Design Coefficient and Spectra Curves 
for Four Different Locations 



Figure 61: Comparison of Free Field Ground Motion Spectra 
and Lateral Design Force Coefficients 
(from Reference 4) 






Table 5: Response Modification Factors (R) 


Substructure 1 


R 

Connections 

R 

Wall-Type Pier 2 


2 

Superstructure to 

Abutment 

0.8 

Reinforced Concrete 

Pile Bents 





a. Vertical Piles Only 


3 

Expansion Joints 


b. One or more Batter 

Piles 

2 

Within a Span of 
the Superstructure 

0.8 

Single Columns 


3 

Columns, Piers or 

Pile Bents to Cap Beam 


Steel or Composite Steel 
and Concrete Pile Bents 



or Superstructure 3 

1.0 

a. Vertical Piles Only 


5 



b. One or more Batter 

Piles 

3 

Columns or Piers 
to Foundations 

1.0 

Multiple Column Bent 


5 




1 The R-Factor is to be used for both orthogonal axes of the 
substructure. 

2 A wall-type pier may be designed as a column in the weak direction 
of the pier provided all the provisions for columns in chapter 8 of the 
AASHTO Guide Specification [reference 4] are followed. The R-Factor for 
a single column can then be used. 

2 For bridges classified in Seismic Performance Category C and D (see 
section 6.5 for definition), it is recommended that the connections be 
designed for the maximum forces capable of being developed by plastic 
hinging of the column or column bent. These forces will often be 
significantly less than those obtained using an R-Factor of 1 or 0.8. 
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in its strong direction and is therefore assigned an R-factor of 2. A multiple column 
bent with well-detailed ductile columns, is judged to have good ductility capacity and 
redundancy and is therefore assigned the highest value of 5. Although the capacity 
of single columns is similar to that of columns in a multiple column bent, there is 
no redundancy and therefore a lower R-factor of 3 is assigned to these columns. 
This should then provide a level of performance similar to that of a multiple column 
bent. At the time these R-factors were compiled, there was little information available 
on the performance of pile bent substructures. Since that time Caltrans has reported 
the satisfactory performance of several bridges with pile bents during actual earthquakes. 
The conservative R-factors in table 5 were based on the judgment of potential pile 
bent performance in comparison to that of the other three types of substructure. It 
was believed that there would be a reduction in the ductility capacity of pile bents 
with batter piles and therefore lower R-factors were assigned to these systems. In 
the light of the Caltrans experience, there may now be some justification for increasing 
the factors for these substructures. 

The R-factors of 1.0 and 0.8 assigned to connections mean that these components 
are designed for the design elastic forces and for greater than the design elastic 
forces in the case of abutments and expansion joints within the superstructure. This 
approach is adopted in part to accommodate the redistribution of forces that occurs 
when a bridge responds inelastically and to maintain the overall integrity of the bridge 
structure at these important joints. Increased protection can be obtained for a minimum 
increase in construction cost by designing connections for these larger force levels. 
However, it should be noted that for bridges classified in Seismic Performance Category 
C and D (see section 6.5) the recommended design forces for column connections 
are the forces that can be developed by plastic hinging of the columns. Since these 
are the maximum forces that can be developed and they are generally smaller than 
the elastic values, the desired integrity will be obtained at lower cost. The connection 
design forces associated with plastic hinging are not specified for bridges in Seismic 
Performance Category B because the calculation of these forces requires a more detailed 
analysis. However they may be used if desired. 


6.5 SEISMIC PERFORMANCE CATEGORIES 

A basic premise in developing the AASHTO Guide Specifications was that they be 
applicable to all parts of the United States. The seismic risk varies from very small 
to high across the country and design requirements applicable to the higher risk areas 
are not always appropriate for the lower risk areas. In order to provide flexibility in 
specifying design provisions associated with areas of different seismic risk, four Seismic 
Performance Categories (SPC) are defined. The four categories permit variation in 
the requirements for methods of analysis, minimum support lengths, column design 
details, foundation and abutment design requirements in accordance with the seismic 
risk associated with a particular bridge location. 

Therefore, in these Guide Specifications, each bridge is assigned to one of four Seismic 
Performance Categories (SPC). A through D. as shown in table 6. This method of 
classification is based on the Acceleration Coefficient (A) determined from the map 
shown in figure 55 and discussed in section 6.1. and the Importance Classification 
(1C), discussed in section 6.6. As noted above, minimum analysis and design 
requirements are governed by the SPC. 
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Table 6: Seismic Performance Categories (SPC) 


acceleration 

COEFFICIENT 

IMPORTANCE 
CLASSIFICATION CIO 

A 

1 

II 

A < 0.09 

A 

A 

0.09 < A < 0.19 

B 

B 

0.19 < A < 0.29 

C 

c 

0.29 < A 

D 

C 


!* ' S . «! en t3ble ? that brid 9 es c'assified as SPC D are designed for the hiohest 
level of seismic performance whereas those classified as SPC A are to be designed 
for the lowest level of seismic performance. g 


6.6 IMPORTANCE CLASSIFICATION 

Li, Specifications, an Importance Classification tic) is assioned to 

bridges with an Acceleration Coefficient greater than 0 29 for the ourDosp of 
determining me Seismic Performance Category (SPC) in section 6.5 6°^ are claSfi^t 
as either essential or non-essential on the basis of Soclal/Survlval and Secprl/SS 
equipments. In general, an essential bridge is one that must continue to function 

For r ah n othe?lidges^c * T' 9 ™ " 9r ° PP ' iK ,mp0rtance Oi—flcMon. 1C. 

The determination of the importance Classification for a bridae is necessariiv «nhi A rti Ua 

a " d !H a . dd,ti ° n t0 the Social/Survival and Security/Defense requirements consideration 
should also be given to average annual daily traffic. consideration 

I h ® Soci a 1/Sur v'val evaluation is largely concerned with the need for roadways durina 
the Period immediately following an earthquake. In order for civil defense police 9 
ire department or public health agencies to respond to a disaster situation a continuous 

n 1 hhT S be Pr ° Vided ’ Bridges on such routes *hould be classified as esseTat 
addition, any bridge that crosses an essential route should also be classified 

of S rhe a ove T rcrossing eCaUSe ° f ** * C '° SUre t0 the 6Ssential route the collapse 

A basis for the Security/Defense evaluation is the 1973 Federal-Aid Hiohwav Act which 

htd Ul tn ed i 8 Plan f ° r defense h, 9hways be developed by each site * This plan 

had to delude, as a minimum, the interstate and Federal-Aid primary routes However 

a State Th^rie^ 5 h^h b ® d8leted When SUCh action is considered appropriate by 
Ltln f- ™ defense h ' 9 hway network provides connecting routes to important military' 
installauons, industries and resources not covered by the Federai-Aid primary routes* 
Bridges serve as important links in the Security/Defense roadway network and such 

bridges should also be classified as essential. y network and such 
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CHAPTER 7 DESIGN FORCES AND DISPLACEMENTS 


This chapter examines appropriate methods of calculating forces and displacements 
under the action of the design loadings. This is achieved through structural analysis, 
which is in essence an art rather than a science. The guidelines presented in this 
chapter represent minimum requirements, and should be critically examined for 
applicability on a case by case basis. Any attempt to rigidly define analytical 
requirements for all future projects understates the “art" content of analysis and curtails 
independent and creative thinking. The following guidelines should be interpreted in 
this light. 


7.1 ANALYSIS PROCEDURES 

Many of the analysis methods described in chapter 3 can be performed manually using 
hand procedures or they may be programmed for a computer based solution. This 
latter option is preferable for all but the simplest bridges because even the most 
primitive analysis methods become tedious once a bridge becomes even slightly complex. 
For example, bridges which are continuous for more than two spans or those with 
multi-column bents and flexible bent caps on soft foundations will be time consuming 
to analyze by hand. Since most bridge design offices have access to computer facilities, 
it is expected that engineers routinely engaged in bridge design will prefer to use 
computer programs for analysis. Therefore, the basic thrust of this section is towards 
computer-based analysis procedures. 

Analytical procedures have advanced considerably, to the point where elastic dynamic 
analysis is being used routinely in areas of moderate to high seismic risk. It is often 
thought that dynamic (or "rigorous") analysis allows the prediction of earthquake forces 
and displacements very accurately. This assumption is incorrect. At best, a dynamic 
analysis of a well modelled structure will give the engineer a good indication of the 
distribution of forces in the structure and the magnitude of the deformations to be 
expected. Thus it is unnecessary to overly refine a dynamic analysis once “reasonable" 
results are obtained. 

Structural analysis by computer is a sophisticated design tool but It should only be 
used when the assumptions made by the author of the computer program are understood. 
Analytical results should always be examined critically to check that basic criteria, 
such as equilibrium, have been satisfied. The engineer must retain a “feel“ for the 
structure, and be able to predict and check the global response independently of the 
computer analysis. 

7.1.1 Applicability of Various Methods 

Recommendations for choice of analysis method are usually given in terms of the type 
of bridge (number of spans, geometric configuration and regularity) and its Seismic 


129 


it® 6 s f ction 6 ’ 5) ' These recommendations are summarized in 

® 0 th S tat> 6 S refers t0 a single mode analysis while “M" refers to a 

multimode analysis (section 3.1). 0 a 


Table 7: Analysis Method Recommendations 


Seismic 

Performance 

Category 

Regular Bridges 
with 

2 or More Spans 

irregular Bridges 
with 

2 or More Spans 

A 



B 

S 

S 

C 

S 

M 

D 

s 

M 


In this table, the terms regular and irregular are used. A regular bridge is defined 
as one having no abrupt or unusual changes in mass, stiffness or geometry (subtends 
a plan angle of no greater than 90 degrees) along its length, and no large differences 
(greater than 25 percent of the lesser of the two quantities) in these quantities between 
th rr supports (abutments excluded). An irregular bridge is one that does not satisfy 

eT ar br,d9e ' Examples °' reSUlar ana orld... £ 

Time history analysis may be required In special circumstances where a travelllnq wave 
may cause out-of-phase motions at the piers ot a very long structure. 

7.1.2 Single Mode Analysis 

As noted above, the single mode method is recommended for the analysis of "regular" 
bridges instead of the more rigorous multimode method. Even "irregular" bridaes in 
seismic performance category B. may be analyzed by this method. This is done to 
avoid the need for computer based modal solutions for simple bridges, or for those 
in iow seismic risk areas. In many cases, the method gives perfectly satisfactory results 
b be n0t6d that var,ous approximations are made in order to apply the 

method to these "regular" bridges. These approximations introduce uncertainties in the 
calculated results especially for bridges which are almost "irregular" but classified as 
regular under the above rules (table 7). Therefore, if modal analysis capability is 
available, it ,s recommended that it be used instead of the single mode approach 
even for regular bridges. ^ ’ 

The reason that the single mode method should only be applied to regular bridqes 
is because the method assumes that one. time-independent, shape with time- 
varying amplitude completely defines the earthquake motion of the structure. In other 
words, these regular bridges are assumed to respond to earthquake loads in a single 
mode of deformation which retains its shape throughout the duration of an earthquake 
However, the size of this deformation mode (i.e. the amplitude of vibration) may chanqe 
with time in accordance with the variations in ground motion. This is a reasonable 
assumption for regular, uniform structures, but may be in gross error for more complex 
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bridges. The single mode analysis Is applied Independently in the longitudinal and 
transverse direcbons. and the results are combined as described TTecTon 7 3 

The single mode analysis Is based upon the first steps ot a Ravleiah analvsis tuk 
analysis assumes a vibration shape for a structure, calculates maSm potemial and 
kinetic energies associated with that shape, and by equating these two energies deduces 
natural frequency for the system. The design forces and displacements for the svstem 

C °Z a°V “T a " alysis USl " 9 ,he <°consistent SThe n tiaT vibrS 
shape as the applied loading. This Is the essence of the single mode ana vsis wh oh 
formulates an equivalent model of the system, such that the overall behavior of he 

brldg P TmtSelMnV 8 C '° Sely appr0ximated ' Revle ” sec,lon 3 -' tor earlier discussion on 

in the description of the single mode method that follows, a change in notation is 

rS UC <? d ' J h 'f. is r done so that this Presentation is consistent with that in the AASHTO 
Guide Specification [reference 4J. Unfortunately, the simplified notation used in chanter 

.he ,S AA 0 SHTo"'GuTe y wT OPted T ^ ^ "icterial. umforrniT wdh 

the AASHTO Guide was considered preferable to uniformity with chanter 3 Tahio r 

summarizes the relevant changes in notation. P Tab,e 8 


Table 8: Notation Changes 


Chapter 7 

Notation 

Description 

Chapter 3 

Notation 

Po- P- Pe 

lateral loaas 

f 

V S' v max 

displacement 

d 

CJ 

bridge frequency 

P 

i 

damping ratio 

n 


The weight per unit length of the structure is given by w(x). and the mass oer unit 

vT-S-T. unit m ( ( n‘ I h « initi ? aSS rf Vibrati ° n Shape iS the static Election. 

fiau^e 63a) Thi, mL P ^~ , T ! fdrr " ,oad actin S in tha direction of analysis (see 
figure 63a). This may be calculated by hand or with the aid of a computer. 

In! a . st t r o in th (p 0 ten ,l ial i, ener9y ' u ' st0red in the structL| re in this deflected position is 
equal to the work. W E , done by the external load in deforming the structure: 


u ~ W E = j Po<* 


where 


a = 


j v s (x)dx 

•'O 


(23) 


If the structure is now released from its deflected position, it will vibrate in the 
same shape with frequency u. The maximum kinetic energy, T max . occurs when the 
structure passes through its at-rest position, and is given by. 
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(a) Deflected Shape due to Uniform Static Loading 


j v(x) 



(b) Characteristic Static Loading Applied to the Bridge System 


Figure 63: Single Mode Method of Analysis 
(after Reference 4) 
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Equating these two energies, and recognizing that cj - 277/T, an expression for the 
period of vibration is obtained as follows: 



At first sight, equation 25 does not look like the familiar expression for period as 
developed in figure 9a. However, if 7/g is thought of as an effective mass and 
p 0 a as the same as an effective stiffness, equation 25 takes on the appearance of 
the earlier formula. The fact that 7/g and p 0 a are equivalent to mass and stiffness 
respectively can be demonstrated by considering the longitudinal response of a straight, 
uniform (w(x) = w) bridge for which v s (x) is a constant (A) and the integrations in 
equations 23 and 24 for a and y both reduce to the constant L. 


Then y - w.A 2 .L = W.A 2 (25a) 

and a = AL (25b) 

therefore p 0 a = p 0 AL = P 0 A = K 0 A 2 (25c) 

where W = w.L ... total weight (25d) 

P 0 = p 0 .L ... total lateral load (25e) 

K 0 = p o^ A ••• longitudinal stiffness (25f) 


Substitution into equation 25 and simplifying gives 
T =27 T 

as before (figure 9a). 



(25g) 


Alternatively, this equivalence may be numerically demonstrated using the examples 
in Chapter 8 and 10. 

The period allows the appropriate amplitude for the assumed shape to be determined 
from the ordinate of the response spectrum. S a (£.T). A damping ratio of 5 percent 
is typically assumed. This response is calculated as a scalar times the initial deflected 
shape. v s (x). due to the uniform load. 

maximum acceleration = S a (£,T) = C s g 

maximum displacement = S a / cj 2 = C s g / w 2 


deflected shape at time C q 

of maximum displacement = v max (x) = — v s (x) 


where 


0 = 



L 

w(x)v s (x)dx 


(26) 


The (0 / 7) factor can be thought of as a normalizing factor since the magnitude 
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of v s (x) was chosen arbitrarily (i.e.. corresponding to a unit uniform load). 

The design forces and displacements could be calculated by simply multiplying those 
corresponding to the initial shape by the above scalar (C s g£ / u 2 y ). However, 
more accurate forces and displacements are obtained by taking the analysis a little 
further. The inertia forces, p e (x), corresponding to the deflected shape at the time 
of the maximum displacement are: 


p e (x) - k*v max (x) 


(27a) 


where k* is an equivalent stiffness. Then, from the expression for frequency (figure 
9a) 

u 2 = k*/m(x) (27 b) 


and substitution into the above expression for v max (x) gives: 

v max w = Sf# • f • v s< x > • m(x) 

Now substitution of equation (27c) into (27a) and noting that 


(27c) 


gives 


w(x) = m(x).g 

Pe (x) = c s . | . w(x) . v s (x) 


(27d) 


These forces are applied to the structure (see figure 63b) to obtain the member forces 
and displacements for use in design. Again, this can be performed by hand calculation 
or with the aid of a computer. 

It should be apparent that this process is the beginning of an iterative scheme, and 
that the previous calculations could be repeated for this new load pattern, leading 
to a new estimate of the structural period and the subsequent response. The process 
converges when the deflected shape corresponding to the inertia forces is in agreement 
with the assumed shape at the beginning of the iteration. At convergence, the deflected 
shape and the fundamental vibration shape correspond. However, this extra effort is 
unwarranted, because for regular structures the deflected shape corresponding to a 
uniform load will closely approximate the mode shape, and the period and response 
calculated above will be good estimates of the actual reponse. 

In summary, the analysis is performed in both the longitudinal and transverse directions, 
and the steps for each direction are as follows: 

• Calculate v s (x). 

• Calculate a. 0. y. 

• Calculate T and C s . 


Determine p e (x). 

Calculate the design forces and displacements. 
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Tref^encf4J le il s 7 la s n , a ™ n ? m9th ° d ' S 8iren ln ,he MSHT0 Qulde Specification 
Lre presented t chapters 8 and^O. nUmer ' Ca ' eXamP ' eS " h '° h "' US,ra,e ,he "> eth ° d 

7.1.3 Multi-Mode Analysis 

Multi-mode spectral analysis should be used for bridges with irregular geometry mass 
t ° ho st ' ffness P ropert,es - Irregularities generally induce coupling between resp^ses in 
he three global directions, making the assumption of a single mode for e^ch o?the 
longitudinal and transverse directions inappropriate. In addition, the total response of 
an irregular structure is not dominated by just one mode of vibration, but rather several 

Si9 I"' fiCam,y - and must each «>• -Eluded for meani^gfu. resuTs to 
be obtained A computer program should be used by an experienced analyst to account 

in section e 7 8 CtS aCCUrately ‘ Current, y available suitable programs are briefly described 

Sufficient modes should be included in the analysis to ensure that the effective mass 
included in the model is at least 90 percent of the total mass of the structure (The 
total effective mass should be printed in the output from the computer analysis A 
discussion of effective mass can be found in any basic dynamics text such as reference 
mac h h r ® 0u,rement ,s not satisfied, missing mass corrections should be made The 
analysis^ St ' ffneSS ° f the entire seismic resisting system should be included in the 

calculates the maximum response of the structure in 
rnmhinLT d ® of vibration included in the analysis. These maxima are then 
combined to give the total response of the structure. Care must be taken with this 

timp !, heSG m ° dal maXima d ° n0t 9 enera,| y at the same instant in 

*1"®' T p 6 0enera,, y accepted modal combination rule is the Square Root of the Sum 

(SRS f r" 108 ' Thls me,hod wttTji separated 

natural periods, and should be adequate for most bridge structures. However when 

closely spaced modes occur, more sophisticated combination rules should be used. 

^l h3 S S h. t h e m ° St elegant of these ru,es is the Complete Quadratic Combination (CQC) 
rule, which accounts for statistical correlation between the various modal responses 

°* h ® r “? for c |ose| y spaced modal combination include absolute summation of 
responses from those modes with frequencies within 10 percent of the lowest frequency 
m the Sroup. and then SRSS combination of the remaining, well separated. modes y 
It should be pointed out that absolute summation has the potential to grossly overestimate 
response in directions orthogonal to the input and in situations where modal contributions 

tend to cancel one another. For a discussion of these various combination methods 
see reference 33. 

7.1.4 Time History Analysis 

Time history analysis should be used for very unusual structures, and especially for 
very long structures where travelling wave effects can invalidate the response spectrum 
assumption that all support points have identical motions. 

Time history analysis requires a detailed description of the time variation of the ground 
acceleration at all support points for the structure. It is impossible to describe these 
variations in such a way as to cover future motions likely to occur at the site. However. 
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this problem can be addressed by using several time histories, each of which has 
the overall characteristics of the design spectrum, but each one having different and 
potentially important characteristics in terms of details of the structural response. 

One of the key parameters in a time history analysis is the time step. This is specified 
so as to accurately capture the response of all significant modes, and as a rule of 
thumb, this should be set at one-tenth of the period of the highest mode of interest. 

Unlike response spectrum analysis, the time variation of all response quantities is 
explicitly computed, and combination of modal maxima is not an issue. 


7.2 PRACTICAL MODELLING GUIDELINES 

The type and degree of refinement of the mathematical model depends on the complexity 
of the bridge under consideration and the amount of detail required of the results. 
The overall objective should be to produce a model that will capture the essential 
dynamic characteristics of the bridge and produce realistic overall results. The designer 
must be able to reconcile the results from the computer analysis as “making sense", 
and no amount of analysis can replace the need for careful design and thoughtful 
detailing of the actual structure. This section is intended to provide some basic 
guidelines which, when followed, will produce reasonable results for most structures. 

7.2.1 Structural Geometry 

The selection of the nodal locations for the model determines the accuracy with which 
the model can respond to the applied loads. The superstructure should, as a minimum, 
be modelled as a series of three dimensional beam-column members with nodal locations 
at the ends of each span and at the quarter points within each span. Discontinuities 
and joints in the superstructure should be explicitly modelled. This may be achieved 
by the use of “double nodes" at expansion joints, coupled by elements representing 
the stiffness of the joint. Significant horizontal and vertical curvatures should be 
accurately modelled, as should skew supports. 

Intermediate columns or piers should also be modelled as three dimensional beam- 
column members. Generally, for short, stiff columns with lengths less than one-third 
of either of the adjacent span lengths, intermediate column nodes are unnecessary. 
However, for long, flexible columns, intermediate nodes at the third points should be 
used. The model should consider the eccentricity of the columns with respect to the 
superstructure. In other words, a rigid zone at the tops of the column elements should 
be used to model the vertical distance between the soffit of the bridge superstructure 
and its geometric centerline. It may also be necessary to include rigid zones in the 
superstructure members to accurately represent the clear span. Each zone would then 
model the horizontal distance between the column centerline and the column face. 

Additional nodal points may be required at the pier locations below ground level to 
model the effects of foundation flexibility. This is described in detail in section 7.2.4. 
figure 71 illustrates nodal locations for two different abutment configurations, which 
are also discussed in section 7.2.4. 
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7.2.2 Mass Distribution 


The structural mass should be lumped in such a way as to capture all significant 
reponse patterns. Typically, three mass nodes within each span should suffice. Each 
node in a typical model will have six degrees of freedom, three translations and three 
rotations. No rotational mass need be specified. 

The mass should take into account the superstructure, pier caps, abutments, columns, 
and foundations. It should also include the effects of roadway surfacing, utilities, crash 
barriers and the like. Generally, the inertial effect of live load is ignored. However, 
it may be appropriate to include some live load inertial effects in those short-span 
bridges which have high live to dead load ratios. 

7.2.3 Material and Section Properties 

Standard material properties should be used in all cases. It is especially important 
to accurately reflect the material properties of the more flexible elements in the bridge, 
such as rubber bearings and soft soils. Properties for rubber bearings should be taken 
from product catalogs or test data when available. 

Soil stiffnesses should be computed in collaboration with a competent geotechnical 
engineer, especially for sites with “soft" soil conditions. In addition, guidance on 
selection of these stiffnesses can be obtained from the recent state-of-the-art report 
on highway bridge foundation design and analysis for earthquake loads [reference 6]. 

Where the surface materials are very soft, the effective ground line should be taken 
at a depth underlying such materials. When a great depth of very soft material exists, 
special investigation of stiffness and strength properties should be undertaken. Such 
soils are not normally suitable for bridge foundations in seismic areas. For soft sites 
with uncertain stiffness parameters, it is recommended that analyses using upper and 
lower bound soil stiffnesses be performed to determine the sensitivity of response 
to the soil conditions. Suggested soil stiffness parameters for use in preliminary seismic 
analyses are given in table 9. 

Where preliminary analyses have indicated that the seismic response of the bridge 
is significantly affected by the soil stiffness, the final analysis should use a set of 
soil stiffnesses compatible with the foundation displacements at the design loading. 

it is important to accurately model the in-plane lateral stiffness and torsional stiffness 
of the superstructure, particularly for the transverse analysis of a continuous bridge. 
These stiffness parameters influence the distribution and magnitude of lateral loads 
to which the substructure will be subject. For “stiff" superstructures (e.g. box sections), 
the in-plane lateral stiffness may be based on beam theory using the full width of 
the section. For more flexible superstructures (e.g. double T sections), the effective 
in—plane lateral stiffness may be much less than that based on the above assumption. 
Careful consideration of this stiffness is warranted. 

For reinforced concrete sections, the use of cracked or uncracked section properties 
must be decided. If the section is assumed to be cracked, the member (column) 
will be more flexible than if uncracked. The bridge will then respond with a longer 
period and lower forces will be predicted for the column. However, because of the 
additional flexibility, higher deflections will be calculated even though the forces are 
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Table 9 : Suggested Soil Stiffness Parameters for Preliminary Seismic Analysis 

(after Reference 29) 
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soil modulus of elasticity 

effective soil internal angle of friction 



less. When in doubt as to which approach is correct the analysis should be DerformPri 
ice using first the cracked and then the uncracked properties and thereby boundina 
the response. Some guidance on the effective properties of bridge suDe^strurturp? 
can be found in reference 34. Based on ambient vibrat onfield test ng P o^ a lame 

reoommendeS 0nCre,e briaBaS ln Ca " ,0rn ' a - ,he mtfla Z 

For reinforced concrete superstructures: 

„°: urs rr : use 100 percant ° ( ° ross <■—«» 

momem' oMneTtla "‘flexure = 4 ° '° 6 ° PerCem °' Sross valaa 

about vertical axis : use 60 to 80 percent of gross value 


For prestressed concrete superstructures: 


. use 200 percent of gross (uncracked) value 
: use 120 to 140 percent of gross value 
: use 100 to 120 percent of gross value 


moment of inertia in torsion 
moment of inertia in flexure 
about horizontal axis 
moment of inertia in flexure 
about vertical axis 

7.2.4 Foundation Modelling 

For reaiistic results from the computer model, the properties of the foundation structure 
f n bl _ t ?®. nts and supporting soils must also be included. Soil-structure interaction or 
foundation compliance as it is sometimes called, can dominate the seismic resDonse 
o a bridge and must be Included. This is particularly true for short s £f bridoes 

?epresem S theTtafTvstlm l0 " 9 ' T structures - ldaa "y the structural model should 
represent the total system-superstructure, substructure, foundation structures and *nii- 

-so m* the interaction between soil and structure is captured However such In 

ideal is not presently feasible for the state-of-the-art is not yet advanced to the Doint 

propert,es and intera ction models are easily defined. Although several P e ry 

the P v are at'th.° s m Eimp r baS6d h° del ? haV ® been deve,0 P ecl for soil-structure interaction 
0 ■ h , K research t00ls and not suitable for routine design office use 

anTmaKrrrotan^rr 6 m0de,S are ln ~ asa ,p ^ 


Several of these approximations are summarized below 
are given in references 4. 6, 29 and 35. 

7.2.4A Footings 


More detailed descriptions 


common method for modelling a footing (and other substructures) is 
to use equivalent springs to represent soil stiffness. In general, the 6 components 
o displacement (3 translational and 3 rotational) require 6 equivalent sDrina 
constants. Rigorously, however there is coupling or interaction 9 between these 
displacement degrees-of-freedom (especially between the horizontal translation and 
rotational components) but this coupling is negligibly small for shaHow footings 
It is also difficult to quantify and for typical highway bridge footings it is usual 
.o neglect these terms. However. I, me embedment depth should Cceed ,We flmes 
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RECTANGULAR 

FOOTING 





EQUIVALENT 

CIRCULAR 

FOOTING 



EQUIVALENT RADIUS: 


TRANSLATIONAL: 


ROTATIONAL: 


4BL (4B 2 + 4L 2 ) 


(x-AXIS ROCKING) 


= f (2B) 3 (2L) 
! L 3ir 


R3 = r (2b)(2l ) 3 -] % 


(y-AXIS ROCKING) 


(z-AXIS TORSION) 


Figure 64: Equivalent Radii for Rectangular Footings 
(from Reference 6) 
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the footing dimension (usually its equivalent diameter), a more refined spring model 
should be used. See, for example, reference 6. In this case a 6x6 stiffness matrix 
is generated, representing the complete set of foundation constants which is then 
input to the computer program being used to model the superstructure. 

Spring constants for shallow rectangular footings are obtained by modifying the 
solution for a circular footing, bonded to the surface of an elastic half-space: 

i.e. K = agK 0 C28) 

where a is the foundation shape correction factor 
g is the embedment factor 

and K 0 is the stiffness coefficient for the equivalent circular footing 
(table 10) 

To use equation 28, the radius of an equivalent circular footing is first calculated 
according to the degree—of-freedom being considered. Figure 64 summarizes the 
appropriate radii. K 0 is then calculated using table 10. 


Table 10: Stiffness Coefficients for a Circular Surface Footing 


Displacement Degree—of—Freedom 


vertical translation 

4GR/1-V 

horizontal translation 

8GR/2-V 

torsional rotation 

16GR 3 /3 

rocking rotation 

8GR 3 /3(1-v) 


NOTE: G and v are the shear modulus and Poisson ratio for elastic 
half space material; R is the radius of the footing. 


The shape modification factor, a may be found from figure 65; and the embedment 
factor, g. from figure 66. Figure 66 is the result of a sensitivity study [reference 
6] on typical highway bridge foundations and it will be noted from this figure that 
g is independent of the actual depth of overburden. This is judged to be a 
reasonable approximation up to depths of five times the equivalent diameter (2R) 
at which stage, a special study will be necessary to determine the appropriate 
stiffness matrix. 

7.2.4B Piles 

Several possibilities exist for including the effects of piles and surrounding soil 
into the structural model for seismic analysis. Three of these methods are 
summarized in figure 67 and include: 

• equivalent cantilever model. 

• equivalent base springs model. 

• equivalent soil springs model. 
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Figure 65: Shape Factors for Rectangular Footings 
(from Reference 6) 
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Figure 67: Methods of Representing Pile Foundation Stiffness 











The simplest approach is to assume that an equivalent cantilever column can 
be used to model the pile. The section of the cantilever is the same as that 
of the pi e but its length (depth to "fixity") is adjusted so as to give either the 
same stiffness at ground level or the same maximum bending moment as in the 
actual soil-pile system. 

The length to fixity of the equivalent cantilever can be determined from a detailed 
substructure model as suggested below, from charts such as those in figures 68a 
and 68b [which are for large diameter concrete piles (reference 35), or from 
considerations of the relative stiffnesses of the pile and soil. Using beam-on-elastic- 
oundation theory, it is possible to show that the equivalent length to fixity is a 
function of the pile-soil stiffness ratios indicated in figure 69. Note that this 
formulation gives two effective lengths, one for stiffness considerations and the 
other for maximum pile moments. 

in most cases, the use of either the charts or the relative stiffness formulation 

MoL 9 T t S l tlS ?° ry r6SU,tS ' eliminatin 9 the need for a detailed foundation model. 
Note that the charts give only the effective depth for stiffness considerations, and 
pile moments based on this length will be overestimated. It should also be noted 
that the two methods (charts, relative stiffnesses) give different results for the 
effective depth to fixity. This is in part a reflection of the uncertainty associated 
with foundation engineering. However, both methods provide a rational and simple 
way for including foundation flexibility in the seismic analysis of bridges, and results 
using either method will be closer to the actual behavior than will results from 
a model which rigidly fixes the bridge at ground level. 


Typical ranges 
diameters, the 
that this depth 
group effects 
more specific 
(Kf-,) for each 
value for a s 
diameters, to 
diameters. 


for the effective length to fixity (for stiffness) are from 3 to 9 pile 
low end of the range being for very stiff sites. It should be noted 
to fixity is potentially a function of the direction of loading, as pile 
may be different longitudinally and transversely. In the absence of 
information, the effective modulus of horizontal subgrade reaction 
pile may be assumed to vary linearly from 25 percent of the K h 
ingle pile, when the spacing in the direction of load is 3 pile 
the value for a single pile, when the spacing is 8 pile 


The equivalent base springs model assumes elastic soil behavior and a set of 

six independent springs acting at the ground surface. This technique can be quite 

satisfactory provided the cross coupling terms, which are ignored for footings, are 

included in the stiffness matrix. However, calculating these terms can be a major 

effort as it is frequently done by a substructuring technique. That is a single 
pile or pile group is modelled explicitly in the soil mass independently of the 
superstructure, using elastic springs distributed through the depth. Unit displacements 
are then imposed in turn at the pile cap and the forces necessary to hold these 
displacements are calculated. These forces are the required stiffness coefficients 
and will automatically include the cross coupling terms. The method requires the 
knowledge of the soil spring force-deformation relationships (i.e. the so-called d- 
y curves) at several points along the pile length. Methods for establishing both 
inear and nonlinear curves for cohesive and cohesionless soils are available in 
the literature and have been summarized in reference 6. If linear conditions can 
be assumed, tables of solutions for combined lateral load and applied moment 
loading at the pile cap are available in reference 6. from which equivalent spring 
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constants can be deduced. If large displacements are expected (more than 0.5 
inches), linear methods may be inappropriate and a nonlinear model may have 
to be used. Computer-based solutions will then be necessary and there are several 
computer codes available for this purpose. 

The third technique noted above involves the inclusion of the pile(s) into the 
superstructure models and the use of p-y curves to represent the soil. This is 
the equivalent soil springs model. The advantage of this approach is the avoidance 
of the need to calculate equivalent spring constants as in the above method. 
The disadvantage is the substantial increase in the size of the structural model 
and the consequential Increased demand on computer solution time. Since accuracy 
is primarily a function of the spacing between nodes used to attach the soil springs 
to the pile (the closer the spacing, the better the accuracy), and is not so 
dependent on the pile itself, simple beam column elements are usually adequate 
for modelling the pile behavior. However, each additional node has a corresponding 
implication on core storage requirements and solution time as just noted. 

Computer models which use soli springs attached at discrete intervals along the 
length of the pile are similar in concept to analytical solutions based on beam- 
on-elastic-foundation theory. Another advantage of this model is that it enables 
a site with layered soils to be represented explicitly. Such a detailed model may 
be warranted for layered sites with rapid changes in soil stiffnesses. 

i Until very recently, the axial stiffness of the soil pile system was not considered 
to be important during seismic (lateral) loading. However recent field testing 
[reference 37J has demonstrated the influence of the rotational stiffness of the 
foundation structures on seismic response. Where these structures comprise groups 
of piles, the axial stiffness of each pile contributes significantly to the rotational 
stiffness of the group. 

The various contributions to axial performance are illustrated in figure 70. These 
are the axial stiffness of the pile itself (EA/L). the shear transfer mechanism (t- 
z curve) along the sides of pile and the load transfer at the pile tip (Q-z curve). 
The fundamental problem in determining axial stiffness is quantifying these load 
transfer relationships. Some guidance is again given in reference 6. The following 
expressions are taken from this reference, but it is noted that there is no uniform 
agreement among geotechnical practitioners on the precise form of these 
relationships. 

Side Friction: 

f = 

where 

f = 


fmax = 
z c = 


fmax (2 v/z/z c - z/z c ) 

unit friction mobilized along a pile segment at 
movement, z, 

maximum unit friction, and 

the critical movement of the pile segment at which 
f ma x is fully mobilized. A z c value of 0.2 in 
(0.5 cm) is recommended for ail soil types. 
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30-36 
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Approximate 
in degrees 


Figure 68a: Depth to Point of Effective Fixity for Drilled Shafts in Sand 

(from Reference 35) 
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Figure 68b: Depth to Point of Effective Fixity for Drilled Shafts in Clay 

(from Reference 35) 
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Figure 69: Equivalent Cantilever Method using Relative Stiffness Factors 

(after References 29 and 36) 










End Bearing: 


q = (J->i/3 q max (30) 

z c 

where 

Qmax 31 maximum tip resistance 

q = tip resistance mobilized at any value of z < z c . and 

z c = critical displacement corresponding to q max . A z c 
value of 0.05 of the pile diameter is recommended. 

Computer programs have been written to develop axial stiffness constants based 
on these and other more refined equations. 

7.2.4C Drilled Shafts (Piers) 

A drilled shaft or pier is frequently used to support a single column bent and 
may be considered to act as a single vertical pile. However, this shaft is usually 
of larger diameter than the column and is, therefore, somewhat larger (in diameter) 
than a conventional pile. 

Nevertheless, analysis of behavior and modelling can be treated in a similar manner 
to that discussed in section 7.2.4B for piles, provided due consideration is given 
to the differences in size, member stiffness and installation methods. These factors 
are discussed in references 6 and 35. Figures 68a and 68b give effective depths 
to fixity for large diameter reinforced concrete piles (4 to 10 ft diameter) and are 
therefore suitable for use in the design of drilled shafts (reference 35). 

7.2.4D Abutments 

For bridges that transfer loads through the abutments, careful attention must be 
given to abutment modelling. There are numerous case histories of bridges damaged 
or rendered unusable by excessive abutment displacements or abutment failures. 

As noted in chapter 5, there are two principal types of abutments: the monolithic 
or end diaphragm abutment (figure 53a) and the seat type abutment (figure 53b). 
Equivalent spring models for both types are shown in figure 71, but these may 
be changed or modified to suit particular conditions. The intent is to represent 
the force-displacement relationship at the abutments but this is a highly complex 
non-linear problem, affected by both the soil properties and the design of the 
abutment itself. Both the configuration of the springs and their properties should 
reflect these conditions. Calculation of the equivalent spring constants is, therefore, 
a complex process but in the absence of more accurate information, the following 
iterative technique from the AASHTO Guide Specification may be used to determine 
equivalent properties. The procedure is outlined in a flow chart in figure 72 and 
is described in the following steps. A numerical example is given in appendix 
B. 
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(A) PILE-SOIL MODEL 
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Figure 70: Representation of Axially Loaded Pile Behavior and Soil Reaction 

(from Reference 6) 





Kh = compression stiffness 
of backfill 

K v = axial stiffness of 
piles and soils 


(a) Monolithic Abutment 




Kf, = shear stiffness of bearings 

K v = axial stiffness of piles 
and soils 


(b) Seat-type Abutment 


Figure 71: Abutment Models (after Reference 6) 
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(1) 


Assume an initial abutment design and stiffness. 


Analyze the bridge and determine the forces at the abutment. Perform one 
of the following steps: 

(a) If the force levels exceed the acceptable capacity of the 
abutment fill and/or piles, reduce the stiffness of the abutments 
until the analysis indicates force levels below the acceptable 
capacity. 

(b) If the force levels are below the acceptable capacity of the 
abutment, proceed to step 3. 

Examine the calculated displacements at the abutment and perform one of 
the following steps: 


(a) If the displacements exceed acceptable levels, the assumed 
abutment design is inadequate. Redesign the abutment and 
return to step 1. 

(b) If displacements are acceptable, the last assumed abutment 
stiffness is consistent with the assumed abutment design. Use 
the results from this analysis. 

Abutment design is discussed in more detail in references 4, 6 and 38. 


7.3 COMBINATION OF RESULTS FROM ORTHOGONAL ANALYSES 

A combination of forces from orthogonal seismic analyses is used to account for the 
directional uncertainty of future earthquake motions, and the simultaneous occurrence 
of earthquake motions in two perpendicular horizontal directions. The elastic seismic 
forces calculated from analyses considering separate input in each of two orthogonal 
directions should be combined to form two load cases as follows: 

(1) Load Case 1: TOO percent of the absolute values of force and moment from 
the analysis in one of the perpendicular (longitudinal) directions are added to 
30 percent of the absolute value of the corresponding forces and moments from 
the analysis in the second (transverse) direction. Absolute values are used 
because the direction of seismic response can be positive or negative. 

(2) Load Case 2: 100 percent of the absolute value of force and moment from 

the analysis in the second perpendicular (transverse) direction are added to 
30 percent of the absolute value of the corresponding forces and moments from 
the analysis in the first (longitudinal) direction. 


7.4 SPECIAL REQUIREMENTS FOR SEISMIC PERFORMANCE CATEGORY A 

These requirements and those in sections 7.5 and 7.6 are taken from the AASHTO 
Guide Specifications Ireference 4J. The basic distinction between these provisions and 
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Figure 72: Iterative Procedure for the Determination of 
Abutment-Soii Interaction (from Reference 4) 
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those of the AASHTO Standard Specifications [reference 1J is that here the response 
is calculated from an elastic analysis of the structure using earthquake loads which 
have not been reduced to approximate the effects of ductility. Reductions are applied 
separately to individual member elastic forces, reflecting the differing abilities of various 
portions of the structure to undergo inelastic deformations. It also reflects the 
consequences to the integrity of the structure, should these deformations occur. Also, 
the approach adopted herein gives deflections of realistic magnitude, whereas the 
AASHTO Standard Specifications severely underestimate deflections due to seismic loads. 

7.4.1 Design Forces 

The connection of the superstructure to the substructure should be designed to resist 
a horizontal seismic force equal to 0.2 times the dead load reaction force in the 
restrained directions. Note that single span bridges do not need to satisfy this 
requirement, as discussed in section 7.7. 

7.4.2 Design Displacements 

Bearing seats supporting the expansion ends of girders, as shown in figure 73, should 
be designed to provide a minimum support length, N (inches or mm) measured normal 
to the face of the abutment or pier, as specified below. 

N = 8 + 0.02 L + 0.08 H (inches) (31A) 

N = 200 + 1.67 L + 6.67 H (mm) (31B) 


length, in feet for equation 31A or meters for equation 31B, of the bridge 
deck from the seat under consideration to the adjacent expansion joint, 
or to the end of the bridge deck. For hinges within a span. L should 
be the sum of L-j and l_ 2 . the distances on each side of the hinge to 
an adjacent expansion joint or end of deck. For single span bridges. 
L equals the length of the bridge deck. These lengths are also shown 
in figure 73. 

For abutments 

H = average height, in feet for equation 31A or meters for equation 31B. of 
those columns supporting the bridge deck from this abutment, to the next 
expansion joint. H = 0 for single span bridges. 

For columns and/or piers 

H = column or pier height in feet for equation 31A or meters for equation 
31B. 

For hinges within a span 

H = average height of the adjacent two columns or piers in feet for equation 
31A or meters for equation 31B. 


or 

where 

L = 
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Figure 73: Dimensions for Minimum Support Length Requirements 

(from Reference 4) 
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7.5 SPECIAL REQUIREMENTS FOR SEISMIC PERFORMANCE CATEGORY B 


7.5.1 Design Forces for Structural Members and Connections 

Seismic design forces given in this subsection apply to: 

(a) The superstructure, its expansion joints and the connections between the 
superstructure and the supporting substructure. 

(b) The supporting substructure down to the base of the columns and piers but 
not including the footing, pile cap or piles. 

(c) Components connecting the superstructure to the abutment. 

Seismic design forces for the above components should be determined by dividing 
the elastic seismic forces obtained from Load Case 1 and Load Case 2 of section 
7.3 by the appropriate Response Modification Factor of section 6.4. The modified seismic 
forces resulting from the two load cases are then combined independently with forces 
from other loads as in the following group loading combination for the components. 
Note that the seismic forces are reversible (positive and negative). 

Group Load = 1.0 (D + B + SF + E + EQM) (32 ) 

where D = dead load 

B = bouyancy 
SF = stream-flow pressure 
E = earth pressure 

EQM = elastic seismic force for either Load Case 
1 or Load Case 2 of section 7.3 modified 
by dividing by the appropriate R-Factor (section 6.4). 

Each component of the structure is designed to withstand the forces resulting from 
each load combination according to the AASHTO Standard Specifications Note that 
equation 32 should be used in lieu of the AASHTO Group VII loading combination and 
that the y and /? factors equal 1. For Service Load Design, a 50 percent increase 
is permitted in the allowable stresses for structural steel and a 33-1/3 percent increase 
for reinforced concrete. 

7.5.2 Design Forces for Foundations 

Seismic design forces for foundations, including footings, pile caps, and piles should 
be the elastic seismic forces obtained from Load Case 1 and Load Case 2 of section 
7.3 divided by the Response Modification Factor (R) specified below. These modified 
seismic forces are then combined independently with forces from other loads as indicated 
in the following group loading combination to determine two alternate load combinations 
for the foundations. 

Group Load = 1.0 (D + B + SF + E + EQF) ( 33 ) 

where D, B, SF and E are as defined in section 7.5.1 and 


158 






EQF = the elastic seismic force for either Load Case 1 
or Load Case 2 of section 7.3 divided by half 
the R-Factor for the substructure (column or 
pier) to which it is attached. 

EXCEPTION: 

For pile bents the R-Factor should not be divided by 2. 

Each component of the foundation should be designed to resist the forces resulting 
from each load combination and the AASHTO Standard Specifications. 

7.5.3 Design Forces for Abutments and Retaining Walls 

The components (bearings, shear keys) connecting the superstructure to an abutment 
should be designed to resist the forces given in section 7.5.1. 

7.5.4 Design Displacements 

The seismic design displacements should be the maximum of those determined from 
the elastic analysis or those given in section 7.4.2. 

7.6 SPECIAL REQUIREMENTS FOR SEISMIC PERFORMANCE CATEGORIES C AND D 

Two sets of design forces are outlined in section 7.6.1 and 7.6.2 for bridges classified 
as Category C or D. The design forces for the various components are given in 
sections 7.6.3 through 7.6.7. The design displacements are provided in section 7.6.8. 

7.6.1 Modified Design Forces 

These should be determined as suggested in section 7.5.1 except that for columns 
a maximum and minimum axial force should be calculated for each load case by taking 
the seismic axial force as positive and negative. 

7.6.2 Forces Resulting From Plastic Hinging 

The forces resulting from plastic hinging at the top and/or bottom of the column should 
be calculated after the preliminary design of the columns is complete. The forces 
resulting from plastic hinging are recommended for determining design forces for most 
components as outlined in sections 7.6.3 through 7.6.6. Alternate conservative design 
forces are given if forces resulting from plastic hinging are not calculated. The 
procedures for calculating these forces for single column and pier supports and bents 
with two or more columns are given in the following subsections and are an 
implementation of the capacity design approach outlined in section 4.6. 

Note that if the column moments do not reach their plastic values, the shear forces 
from plastic hinging will not govern. The governing design forces will then be those 
from the unreduced elastic spectrum or from other load groups. 

A. Single Columns and Piers 

The forces are calculated for the two principal axes of a column and in the weak 
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direction of a pier as follows: 

c^crL “ e i e T«z r r^zTsz~ r r° rcea 

nrr,;^ sss- 0 rtTf TO 1H T i 

minimize possible contusion wHh the ,rad^o™use o® . a °" a ’° 

i^sssssz =?=rss£ss 

'ssssc-sss 
s Srr£s;S' ~ S3SS 

The forces corresponding to a single column hinging are: 
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1. 


2. Moments - those calculated in Step 1 . 

3. Shear Force - that calculated in Step 2. 

B. Bents with Two or More Columns 

L he th? r h?nt f0r ,? entS With ^ 0r more columns should be calculated both in the Diane 

He a ^ 

tne plane of the bent the forces may be calculated as follows: 

tnnrrlt* the column overstrength plastic moment capacities. For reinforced 

125 (LnTF Se 1 flexural overstrength factor «& 0 ) of 1.3 and for structural steel use 
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overturning when the column overstrength plastic moments are developed. 

XmVrSedToLT^^^^ ,he daad '° ad ■« '-«s. 

value previously determined, use this maximum Pet "hea^ce" an°d Xn n ',o°'step 
The forces in the individual columns in the niano nt a 

hinging, are: ^ o a bent corresponding to column 


1 . 


2 . 


3. 


7.6.3 


Axial Forces - the maximum and minimum axial load is the dean , na * 
or minus, the axla, load determined from the finaMterahon of Step 3 P 

fn^i.^g' the prslonTln^pT^ove. *" C ° ,Um " ™ 

Design Forces for Column Bents and Pile Bents 


Design forces for columns and pile bents should be the following: 


(a) 


(b) 


(c) 


7.6.4 


Axial Forces - the minimum and maximum design force should he eithor 
desl 8" values determined in section 7.3 added te the TZ 
load, or the values corresponding to plastic hinging of the column as 

hrnflZ n wll, m oe Se sma n ,,e 7 r 6 a 2 „d ** -responding ^te column 

values be used. ,S " recommen<) « 1 '"ot these smaller 

Moments - the modified design moments determined in section 7 . 6 . 1 . 
Shear Force - either the elastic design value determined from section 
to Jhlng'lng V2T column's'detertn™ Z fe^oTTe T 

Design Forces for Wall Piers 
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7.6.5 Design Forces for Connections 

The design forces should be those determined in section 7.6.1 except that for 
superstructure connections to columns and column connections to cap beams or footings, 
the alternate forces specified in (C) below are recommended. Additional design forces 
at connections are as follows: 

A. Longitudinal Linking Forces 

A positive horizontal linkage is recommended between adjacent sections of the 
superstructure at supports and expansion joints within a span. The linkage is designed 
for a minimum force of the Acceleration Coefficient times the weight of the lighter 
of the two adjoining spans or parts of the structure. If the linkage is at a point where 
relative displacement of the sections of superstructure is designed to occur during 
seismic motions, sufficient slack should be allowed in the linkage so that the linkage 
force does not start to act until the design displacement is exceeded. Where a linkage 
is to be provided at columns or piers, the linkage of each span may be attached 
to the column or pier rather than between adjacent spans. Positive linkage may be 
provided by ties, cables, dampers or equivalent mechanisms. Friction should not be 

considered a positive linkage. 


B. Hold-Down Devices 


Hold-down devices are recommended at all supports or hinges in continuous structures, 
where the vertical seismic force due to the longitudinal horizontal seismic load opposes 
and exceeds 50 percent but is less than 100 percent of the dead-load reaction In 
this case the minimum net upward force for the hold-down device should be at least 
10 percent of the dead load downward force that would be exerted if the span were 

simply supported. 


If the vertical seismic force (Q) due to the longitudinal horizontal seismic load opposes 
and exceeds 100 percent of the dead load reaction (DR), the net upwards force for 
the hold-down device should be at least 1.20(Q-DR) and not be less than that given 
in the previous paragraph. 


C. Column and Pier Connection Design Forces 

The recommended connection design forces between the superstructure and columns, 
columns and cap beams, and columns and spread footings or pile caps are the forces 
developed at the top and bottom of the columns due to column hinging as determined 
in section 7.6.2. The smaller of these or the values specified in section 7.6.1 may 
be used. Note that these forces should be calculated after the column design is 
complete and the overstrength moment capacities have been obtained. 


7.6.6 Design Forces for Foundations 

The design forces for foundations including footings, pile caps and piles may be either 
those forces determined in section 7.6.1 or the forces at the bottom of the columns 
corresponding to column plastic hinging as determined in section 7.6.2. Generally, 
the values corresponding to column hinging will be significantly smaller and then these 
smaller values are recommended for design. 
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When the columns of a bent have a common footing, the final force distribution at 
the base of the columns in Step 4 of section 7 6 2(5 mav be uZ* in , T- 
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7.6.7 Design Forces for Abutments and Retaining Wails 


T 0r !f ntS (b ! arings and shear ke y s) connecting the superstructure to an abutment 
should be designed to resist the forces specified in section 7.6.1 hutment 


7.6.8 Design Displacements 


The seismic design displacements should be the 
the elastic analysis or those given in section 7.4.2 
are replaced by: 


maximum of those determined from 
except that equations 31A and 31B 


N = 12 + 0.03L + 0.12H (inches) 
or N = 300 + 2.5L + 10H (mm) 

where N. L and H are defined in section 7.4.2. 


(34A) 
(34 B) 


Positive horizontal linkage, 
all superstructure gaps or 


as recommended in section 7.6.5. should be provided in 
expansion joints within a span. 


?®‘ a !' ve displacements between different segments of the bridge should be carefullv 
considered in the evaluation of the results determined from the elastic analysis Relative 
displacements arise from effects that are not easily included in the analyst^ procedure 
Slowing considered in determining the design displacements. They indude the 


(a) 


Displacements due to rotation of bridge decks 
(torsional displacements). 


on skew supports 


(b) Rotation and/or lateral displacements of the foundations. 

(c) Out-of-phase displacements of different segments of the bridge. 

This is especially important in determining seat widths at expansion 
joints, r 


(d) 


Out-of-phase rotation of abutments and columns 
seismic waves. 


induced by travelling 


The stability of pile bents and single pile shafts should 
is expected. 


be checked if plastic hinging 
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7.7 EXEMPTIONS FOR SINGLE SPAN BRIDGES 

A detailed seismic analysis is not necessary for single span bridges regardless of 
its Seismic Performance Category. However, the connections between the bridge span 
and the abutments should be designed both longitudinally and transversely to resist 
the gravity reaction force at the abutments multiplied by the acceleration coefficient 
of the site. Further, the minimum support lengths should be as given in either section 
7.4.2 for a bridge in Seismic Performance Category A or B, or section 7.6.8 for a 
bridge in Seismic Performance Category C or D. 


7.8 COMPUTER PROGRAMS 

When selecting a computer program for seismic analysis, it is important to remember 
that seismic loads are lateral loads which are primarily resisted by the substructure. 
Consequently, they have little influence on superstructure stresses. It is therefore 
important that the program be able to model the substructure components and 
foundations with some degree of sophistication and it is less important to model the 
superstructure beyond a basic level. Most of the computer programs developed so 
far for bridge analysis are typically oriented towards vertical or gravity load analyses 
and for this purpose some very sophisticated codes have been developed (finite element 
models and grillage models are examples of these). However, these refinements are 
not required for seismic analysis and simple space frame models can be quite adequate. 
Of course the replacement of the superstructure by a single beam requires some 
careful assessment of equivalent beam properties but the error introduced by this 
approximation on the seismic response of the bridge is not significant. 

General purpose space frame programs are therefore satisfactory for the seismic analysis 
of bridge structures. Software which has been used for this purpose includes SAP 
IV. STRUDL/DYNAL, and EAC/EASE2. However, since these are all general purpose 
programs, they are not specifically oriented towards the bridge designer and data input 
can be tedious and interpretation of the output frustrating. The terminology used to 
describe both the structure and the analysis is not familiar to bridge engineers and 
the software may appear, at first sight, to be unsuitable for seismic bridge analysis. 
In short, these programs are not user-friendly. The possible exception here is STRUDL, 
but even so. it is not bridge specific and some interfacing and pre-processing of the 
input is required before a bridge engineer can take his data from the drawing board 
and input it to the computer. 

To meet an obvious need, and also to include some analytical procedures unique to 
bridge seismic analysis. SEISAB has been developed by the Engineering Computer 
Corporation. This software combines the dialogue of STRUDL with the numerical efficiency 
of SAP IV and produces a code specifically developed for bridge engineers, which 
is user-friendly and readily available. 

Short notes on each of the above mentioned computer programs follow. 

7.8.1 SAP IV [reference 39] 

SAP is a structural analysis program for the static and dynamic analysis of linear 
systems. 
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j£. P " ls L h „ e 1,erslon °' SAP °"9inally developed al the University of California at 

^ ° e ?r"jr = rr • a ni; z 

be easily modified to suit the needs of a particular group of users Y 

Structurai systems that can be analyzed may be composed of combinations of a number 
followinTelemenf typ a is elementS ‘ AS “ minimUm ' the pr ° 9ram ,ibrar y contains the 


(a) 

(b) 

(c) 

(d) 

(e) 

(f) 

< 9 > 

(h) 

(i) 


three-dimensional truss element. 

three-dimensional beam element. 

plane stress and plane strain element 

two-dimensional axisymmetric solid. 

three-dimensional solid. 

thick shell element. 

thin plate or thin shell element. 

boundary element. 

pipe element (tangent and bend). 


If tho * ® ,ements can be used in a static or dynamic analysis. The capacity 

of the program depends mainly on the total number of nodal points in the system 
the number of eigenvalues (modal frequencies) needed in the dynamic analysis and 

Zf°,T' er K SSd -, , There ,a PraC " Ca " y "° restric,l °" ° n <*» number of eSmems 

Each oli rU Ti » C3SeS ° r the ° rder and bandwidth of the stiffness matrix. 
Each nodal point in the system can have from zero to six displacement degrees of 

freedom. The element stiffness and mass matrices are assembled in condensed form 
The program is therefore equally efficient in the analysis of one- two- or three- 
dimensional systems. ' mree 

7.8.2 STRUDL/DYNAL {reference 40J 

ICES STRUDL (£IRUctural Design Language), is a large general purpose structural 
analysis and design computer system. The code is designed to allow the user to 
define the problem in terms that are familiar to the structural engineer, it is important 
however, that the user understand the command structure and the way the computer 
will interpret the commands to solve a typical problem. P 

Seismic analysis is carried out using the dynamic analysis options of STRUDLyDYNAL. 
Quite sophisticated problems in structural dynamics can be solved using this program. 
h H ,a not as effic,e ^ t to use as SAP IV. Several preprocessors for STRUDL have 

been developed to facilitate its use in specialized circumstances. Examples of these 

by" Me Auto) ana ysis are str UBAG (developed by Caltrans) and BRIDGENI (developed 

7.8.3 EAC/EASE2 

EAC/EASE2 is a static or dynamic, finite element, linear analysis program. Emphasis 
is on the ease of input, utility of output and cost effectiveness. The program is 
particularly well-suited for the efficient analysis of very large structural models 
Operational on CDC CYBER 70. 170 and 6000-Series computer Systems the program 


166 



is available in batch mode through Control Data's CYBERNET Services, and McDonnell 
Douglas Automation Company. 

The analysis options available in EASE2 are as follows: 

Static loading conditions include temperature, thermally induced bending in beams and 
shells, normal pressures and edge tractions on membranes and shells, distributed beam 
and pipe loads, and face pressures on solid elements. 

Dynamic loading conditions include external time dependent loads or base (ground) 
acceleration time histories. Response spectra and direct integration methods are 
available. 

7.8.4 SEISAB preference 41] 

SEISAB ( SEIS mic Analysis of Bridges) is a computer program specifically developed 
for the seismic analysis of bridges. The overall objectives in developing SEISAB were 
to provide the practicing bridge engineer with a usable design tool and a vehicle for 
implementing the latest seismic design methodologies into the bridge engineering 
profession. 

The initial program release. SEISAB-I. offers both the single mode and multi-mode 
analysis options as described in the AASHTO Guide Specifications. It can also be used 
to perform the uniform load method which is inherent in the AASHTO Standard 
Specification. 

SEISAB-I can analyze simply supported or continuous girder-type bridges with no practical 
limitation on the number of spans or the number of columns at a bent. In addition, 
earthquake restrainer units may be placed between adjacent structural segments. 
Horizontal alignments composed of a combination of tangent and curved segments are 
described using alignment data taken directly from roadway plans. SEISAB has 
generating capabilities that will, with a minimum of input data, provide a consistent 
model appropriate to the analysis method selected. Seismic loadings in the form of 
response spectra are stored in the system and may be directly referenced by the user. 

The central theme underlying the development of SEISAB was to provide the bridge 
designer with an effective means of user-program communication using a problem- 
oriented language. This free format input language consists of simple, easy to remember 
commands natural to the bridge engineer. User Input data is checked for syntax and 
consistency prior to conducting an analysis. In addition, numerous default values are 
assumed for data not entered by the user. 

The bridge examples given in chapter 10 illustrate the usefulness and versatility of 
SEISAB. Sample input files show the user-friendly nature of this program. 

It is intended that SEISAB-II will include linear and nonlinear transient analysis 
capabilities for the designer or researcher interested in conducting more detailed studies 
for assessment of new seismic design strategies. 
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CHAPTER 8 DESIGN EXAMPLES 


? h ?h P l er 6 i is w cuss f the des '9 n ‘oads on bridges in different seismic regions and chanter 
7 the methods of determining design forces and displacements froS^sI loadTS 

,or e e x a a P CeTid 9 0 es ,heSe Pr ° CedUreS * "' US,ra,ed b * P"*"""* 

? e r* Kx- n rz: a z 

Witrthe^ents 0 ' ” h ' Ch 3 ° entS ' Th6 °° X 9lrd8r ls cons1 ™^ monolithlcally 

“ ,b8 baslc la y° ut shown ir > figure 75 a number of variations anfl their effect 
on the design process are considered in this chapter: 


Location of the bridge in different seismic zones 
and 2. 


Examples 1 


• Changes in superstructure weight as would occur, for example with 
girder or truss superstructure construction - Examples 3 and 4. 

• Effect of usin 9 bearings between the top of the pier bents and 
the superstructure instead of monolithic construction - Examples 
o to 9. 

The seismic zone in which the bridge is located has the greatest impact on the desion 

for ^ U n e / an K .i° rCeS and ,he maior »' chapter follows The^eslgn^process 
°-tJ h0 M? aS !fi. bn< * 9e conf, 9 urat| on in two different seismic zones. Example 1 is located 

2 "fed VZTZ a „"? C,a f ,led as Selsmic Performance Category D. Example 
n ThL , 1 d h h 0 contour and classified as Seismic Performance Cateoorv 

the s,ml^ltles a Zd eS ,h» re H « eSent9d ,09etner in section 8 ' 1 ln order t0 fl'ucrete both 
the similarities and the differences in the calculations required. 

The design examples presented in section 8.1 consist of a box qirder deck that i« 
cast monolithic with the columns as shown in figure 75. As discussed in chaDter 5 

rn e n e rt are H m f/ ny - different types of deck and bearing configurations that could have been 
considered. Variations in bearing restraint for 3-span bridges are shown in figure 51c 

Different superstructure types include steel or concrete girders and steel trusses The 
intent of sections 8.2 to 8.4 is to evaluate the impact of some of these variation! 
on the seismic response of the bridge used for the first two examples. 

The configuration and member sizes for the bridge used in Examples 1 and 2 
identica) to that given in appendix A of the AASHTO Guide Specifications [reference 

and so the m Spec,f,c . at,ons have an error m the calculation of the column capacity 
and so the column reinforcing required in Example 1 is higher than in the Guide 
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Specifications. This is discussed further in section 8.1.IOC. 

The design calculations in these examples are for seismic loads plus dead loads only. 
In many instances the design of bridges will be governed by other group loads 
which do not include seismic loads. 


8.1 EFFECT OF SEISMIC ZONE : EXAMPLE 1 and 2 

For these examples the bridge shown in figure 75 is assumed to be located firstly 
in a region of high seismicity, e.g. California (Example 1) and secondly in a region 
of low to moderate seismicity, e.g. New York State (Example 2). 

The AASHTO Guidelines {reference 4] are applicable to a box girder bridge with the 
alignment, dimensions and member properties shown in figure 75 and so form the 
basis for the design calculations performed in this chapter. 

8.1.1 Acceleration Coefficient 

Example 1 is located within the 0.4 contour (figure 55) and has an Acceleration 
Coefficient (A) equal to 0.40. 

Example 2 is located within the 0.1 contour (figure 55) and has an Acceleration 
Coefficient (A) equal to 0.10. 

8.1.2 Importance Classification 

Example 1 is assumed to be essential in terms of Social/Survival and 
Security/Defense requirements and Is therefore assigned an Importance 
Classsification (1C) of I (section 6.6). 

Example 2 is assumed not to fall into any of the "essential" categories listed 
in section 6.6 and therefore has an Importance Classification of II. 

8.1.3 Seismic Performance Category 

Example 1, with A > 0.29 and an 1C of I, falls into the Seismic Performance 
Category (SPC) D as shown in table 6 (section 6.5). 

In Example 2 for 0.09 < A < 0.19 the Seismic Performance Category is B for 
both Importance Classifications. 

8.1.4 Site Effects 

Soil Profile II is assumed for the bridge site for Example 1, providing a Site 
Coefficient (S) of 1.2 from table 4 (section 6.2). 

Soil Profile II is also assumed for Example 2, and therefore S = 1.2. 

Note that this Soil Profile is also used if information is not available on the 
soil properties and profile. 
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8.1.5 Response Modification Factor 
Substructure 

The multiple column bent has a Response Modification Factor (R) of 5 for both 
orthogonal axes of the columns, as shown in table 5 (section 6.4). 


Connections 

Table 5 (section 6.4) provides an R-Factor for the superstructure to abutment connection 
of 0.8 and an R-Factor of 1.0 for the connection of the column to bent cap or 
superstructure and for the column to foundation. 

Fxamnle 1 is classified as SPC D and the recommended design forces for column 
connections are those corresponding to the maximum force capable of being developed 
:r; S hi ng as described in section 7.6.3. Therefore, the R-Factor for the column 
connections is not used since the forces resulting from column hinging are lower. 

ExamDle 2 is SPC B and so the R-Factors are used for all connections, using 0.8 
“TuTers-ricure to abutment and 1.0 for column to ben. cap or superstructure and 
for column to foundation. 

Foundations 

Example i j S SPC D and so the foundation design forces are the lesser of those that 
result from plastic hinging of the columns or the elastic seismic forces. 

Example 2 is SPC B and the elastic design forces are divided by an R-Factor of one- 
half that used for the substructure, i.e. R = 2.5. 

8.1.6 Analysis Procedure 

The bridae geometry and related stiffness variation falls within the range defined for 
I VeSr br“ge- As shewn In table 7 (sedan 7 :i.l>. for a regular bndge with 2 
or more spansProcedure 1 (Single Mode Spectral Analysis) is recommended as the 
minimum required analysis method for all Seismic Performance Categories (section 7J .2^ 
ZZ £emeihod of analysis is the same for both examples. If the bridge had been 
irregular the methods of the analysis would have differed. This same bridge is ana 'y ze <* 
in Chapter 10 using Multimode Spectral Analysis (Procedure 2) techniques and a 
comparison of the results obtained by the two methods is presented in section 10.1.5. 

8.1.7 Determination of Elastic Forces and Displacements 

For both examples, earthquake motions are considered to act along the longitudinal 
^d transverse axes of the bridge. These are the global X and Z axes respectively, 
shown in figure 75. The local Y' and Z' axes of the columns are not necessarily 
required to coincide with the longitudinal and transverse axes of the bridge. 
for a straight bridge without skew columns, piers or abutments, it is recommended. 
Z SmpIS* of calculation, that the local Y' axis of the column or pier coincide with 
the longitudinal axis of the bridge as shown in this example. 
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8.1.8 


Single Mode Spectral Analysis Method - Procedure 1 


f T rom Stef 1 TstT P ffSrToth 1 the ^naH, "TT ^ *° identical c^ons 
the elastic seismic design coefficient for 9 hl tn T transverse directions. At Step 4 
is found, and at Step 5 the member forces and . ran f verse and longitudinal directions 
last two steps have different but directlv DroDnrtinna? SPac .f m fnts are calculated. These 
both are a direct linear function of th^Arr-oil ? re ® u,ts for th e two examples since 
the Acceleration Coefficient is 0.4 and in the second*Tlf o.t' ' n th ® firSt eXamp,e 

8.1.8A Longitudinal Earthquake Loading 

Step 1: Compute deflection v s (x) under a unit lateral load. 

This step is identical for both examples. 

iT a ttjzz zzzztrzzzti i:; are 

stiffness at the seat-tvoe abutmpnt*? hac h Q 9 , d merT, her. Note that the bearing 

ir j:s n L7;rXi£,y z zzr ,o rzzzj: 

p ier — srr a = 5 ir s 10 L 

zrzrrzzTZrtr In , a —• 

longitudinal motion, the displacement mav hp JLi- ?* co,umns alone resist the 
of 12 EI/H3 in this dlreSon So fh» Lf ed by assumin S a column stiffness 

stiffness for Bents Vm,,“TV TTZT" ?6 ' * he 

calculated as: 9U 6 b as k l and k 2 respectively, are 


h = k 2 = 3 


(12EI) 

H3 


3 x 


12 x 4320 00 

253 x 10 = 12940 kips/ft 


(35) 


From which the displacement under the unit load Is calculated as: 


Vo = 


Pni- _ 1 x 376 


S k] + k 2 ~ 2 x 12940 ~ 0 0145 ft 


(36) 


from moment distribStton te cateulatos ma so a! toTnclude^/'fle^bilL^fT 16 ' analysis or 

Z ce JZ i c s°ShVa°n p d S rZZZTloT aoalbs ' r ~ ^ 

in table „ hav°e be"en ^“ 0 ! fucT a^pTooeTure^' *“ — ,0Ms 
Step 2 : Compute integrals a. 0 , y 
This step is identical for both examples. 

superstrumure^^wOO 0 ^ %. l^ A^ ^O * 65nM)* 6 - ' £- h * /IT r Unit length for the 

density is higher than piain concrete to include ^he ^eigh? of STupS? haff oTfhe 
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Figure 76: Structural Idealization and Application of Assumed Uniform 
Loading for Longitudinal Mode of Vibration (from Reference 4) 



Figure 77: Displacements and Seismic Loading Intensity 
Longitudinal Loading (from Reference 4) 









columns, the embedded column cap and intermediate diaphragms). The a B and 

Lcti?n% a i r l) Fnr C thf Ulated \ e * alt l atin9 the Integrals in equations 23. 24 and 26 
... or *bis case , both the dead weight per unit length w(x) and the 

displacement. v s (x>. are constant which simplifies the integration and yields: 


Abut. 4 


a = 


Abut 


J* v s (x)dx = v s L = 0.0145 x 376 = 5.46 ft 2 


(37) 


Abut. 4 


0 = 


Abut 


J w(x)v s (x)dx = wv s L = 20.3 x 0.0145 x 376 = 110.9 kip-ft 


(38) 


Abut. 4 


y = 


Abut 


J w(x)v s (x) 2 dx = wv s 2 L = 20.3 x (.0145) 2 x 376 

= 1.61 kip-ft 2 


(39) 


Step 3: Compute the period. T 
This step is identical for both examples. 

The period, T. is calculated using equation 25. 


T 



2 n 


1.0 x 


1.61 
32.2 x 



0.60 sec 


(40) 


Step 4: Compute the seismic response 

The elastic seismic response coefficient. 
Substituting for A, S and T yields: 


coefficient, C s 

C s . is obtained from equation 22. 


Example 1. A = 0.4 
~ _ 1.2 AS 

" j2/3 


1.2 x 0 4 
(0.60) 2/2 


= 0.80 


(41) 


Example 2 : A = 0.10 


C s = 0.20 


(42) 


C n °- 0 h 81 ??LTr coefficient does not exceed 2.5A for either example, ase 
C s 0.81 for Example 1 and C s = 0.20 for Example 2. The Intensity of the seismic 
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loading expressed by equation 27 is therefore. 
Example 1: C s = 0.81 


Pe (x> 


;8CgW(x)v s (x) 

y 


110.9 x 0.81 x 20.3 x 0.0145 
1.61 


= 16.45 kips/ft 


(43) 


Example 2: Cg - 0.20 


p e (x> = 4.11 kips/ft 


(44) 


Step 5: Compute forces and displacements under static load 

Fnr Fxamnle 1 the equivalent static loading is applied as shown in figure 77. The 
displacement and member forces for the longitudinal earthquake loading for this exa pe 
(table ID are obtained as follows: 


Displacement 

Po(x) • L _ 16.45 X 376 
v s = kf+k£ ‘ '2 x 12960" 


0.239 ft. 


VY'-Shear per Column 

- 16.45 x 376 _ 1Q30 kjps 
6 


(45 a) 


Mz'z'-Moment per Column 

= 1030 x 12.5 = 12,900 kip-ft 


(45b) 


Note that tor this bridge V z - and wy Y . are zero for the longitudinal earthquake 
motion. 


For Example 2 the equivalent static loading, p e (x) 4.11, 
loading for Example 1. Consequently, the displacement v s = 
that in Example 1) and the member forces are one-quarter 


is one-quarter of the 
0.06 ft. (one-quarter of 
of the values given in 


table 11. 


8.1.8B Transverse Earthquake Loading 

Step 1: Compute deflection v s (x) under unit load. 

This step is identical for both examples. 
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Table 11: Elastic Forces Due to Longitudinal Earthquake Motion 

Example 1 



LONGITUDINAL earthquakf 
MOTION ' 



T __________ 


Vy. 

MZ’z* 

v z » 

My < y t 

P X . 


Longit. 

Longit. 

Trans. 

Trans. 

Ayjot 

Location 

Shear 

(kips) 

Moment 

(kip-ft) 

Shear 

(kips) 

Moment 

(kip-ft) 

1 Cl 1 

Force 

(kips) 

Abutment 1 

0 

0 

0 

0 

106 ( 2) 

Bent 2 
(per column) 

1030 

12900 

0 

0 

no 

Bent 3 
(per column) 

1030 

12900 

0 

0 

115 

Abutment 4 

0 

0 

0 

0 

92 

1 11 ,1 




(l) 


( 2 ) 


Iks 

coincide with the longitudinai axis of the bridge as shownT this "example 8 

sSSr&ig£3?s~?£s 

iron, longitudinal motion only andV no. include d“ d toad ** ^ 
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A uniform transverse loading of 1 kip/ft is applied to the bridge as shown in figure 
78 The stiffness properties required for this analysis are the lateral stiffness of the 
deck about the global Y axis (l v ). and the transverse stiffness of each column <l Y ;> 
in each three-column bent. For this analysis each abutment is assumed to be rigid 
and to provide a pinned end restraint to the superstructure. The resulting transverse 
displacements. v s (x). are tabulated at the quarter points for each span in table 12. 

A computer program with space frame analysis capability was used to calculate these 
deflections but other appropriate methods of analysis may be used if desired, if the 
abutment is not rigid, its stiffness may be included in this analysis by using the 
approach outlined in Chapter 7. 

Step 2: Compute integrals a. $. y 

This step is identical for both examples. 

Calculate the a. $. and y factors by evaluating the integrals in equations 23. 24 and 
26 as follows: 


Abut. 4 

f v s (x)dx = 1.21 ft 2 
Abut. 1 


Abut. 4 

/? = f w(x)v s (x)dx = 24.5 kip-ft. 

Abut. 1 


Abut. 4 

f w(x)v s (x) 2 dx = 0.096 kip-ft2 
Abut. 1 


(46) 


(47) 


(48) 


In general the evaluation of the integrals for any structure other than very simple 
examples will be done using special purpose computer programs (e.g. SEISAB). However, 
numerical integration may be performed manually by computing the average deflection 
over segments of the bridge (one-quarter spans in this example) times the length 
(a), and times the weight (£). To compute y the square of the average deflections 
is used. 

Step 3: Compute the period. T 

This step is identical for both examples. 

Calculate the period. T. using equation 25 as follows: 


1 = 2y 


n 


Po9« 


= 2 IT 


0.096 


1.0(32.2)0.21) 


= 0.314 sec 


(49) 
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Examples 1 and 2 


Figure 78: Plan View of Three Span Bridge Subjected 
to Assumed Transverse Loading (from Reference 4) 


* 


v 


e 



Example 1 


Figure 79: Plan View of Three Span Bridge Subjected to 
Equivalent Static Seismic Loading (from Reference 4) 
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Table 12: Displacements and Seismic Loading 
Intensity for Transverse Loading : Example 1 



a 

= J v s <x)dx = 1.21 

ft 2 

0 

= J w(x)v s (x)dx = 

24.5 kip-ft 

y 

= J w(x)v g (x) 2 dx = 

0.0965 kip-ft 

T 

= 0.314 sec. 


p (x) 

= 5157 v (x) kips/ft 
s 




Step 4: Compute the seismic response coefficient, C c 

S 

COe "' Ciem - 15 0b,al " ed ' rom I"*" Substituting .or 


Example 1: a = 0.4 

C c 


1.2AS _ 1.2 x 0,4 x I P 
T 2/3 ~ (0.314) 2/3 “ 124 


(50) 


Example 2 : A = 0.10 


Co = 0.31 


(51) 


These values of C s are greater than 2.5A for both examples. Therefore use C = 

«-3. The intensity^of TeTsm^c ^oadfn^pgfx) 25 is^ c^l^u^fated “ i described in 
Substituting for 0 . c s . w(x) and V yields Ca,CUlated usin 9 equation 27. 


Example 1: C s = i.o 


p e (x) = £C S w(x)v s (x) 
y 


= 245 x TO x 20.3 

0.0965 v s (x) 


= 5157 v s (x) kips/ft 2 

M (52) 

Example 2: C s = 0.25 

P e (x) = 1289 v s (x) kips/ft 2 

(53) 

tabulated^foT^Example “ - ‘' Ua " ar a -> a " P*"* - -mpu.ed and 

r be a“e e t’h quar,er the 

examples. s ' ^ ancl y are Me same for both 

Step 5: Compute forces and displacements under static load 
Applying the equivalent static loading as shown in fim.ro 

due .0 me transverse earthquake loadmo sho»n In ?abTe 13 J, ?*"I^ ,orces 
displacements in this examnle ThLooh ° 13 ' The member forces and 

frame analysis capabilities. Other appropriate methods 3 oTT™^ pr ° 9ram with s P ace 
i. desired. Note ma, longitudinal STtHSli T °l 

been generated by the transverse earthquake because of th e Z ffexure of Ve hririnl 
and consequent longitudinal movement o. me outer columns of each benf ° " 
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Table 13: Elastic Forces Due to Transverse Earthquake Motion 

Example 1 


1 

TRANSVERSE 

EARTHQUAKE 

MOTION 

\ 



COLUMN SECTION 


Location 

V Y * 

Longit. 

Shear 

(kips) 

M Z ' z' 

Longit. 

Moment 

(kip-ft) 

V Z > 

Trans. 

Shear 

(kips) 

My < y' 

Trans. 

Moment 

(kip-ft) 

P X > 

Axial 

Force 

(kips) 

Abutment 1 (1) 

0 

0 

1826 

0 

0 

Bent 2 

74 

887 

396 

4757 

±205 (2) 

(per column) 






Bent 3 (1) 

59 

707 

424 

5089 

±219 (2) 

(per column) 






Abutment 4 

0 

0 

1892 

0 

0 


(1) For this example choose the forces at Abutment 1 and Bent 3 for design purposes. 

(2) Axial forces in the bents are in the outermost columns and result from the 
overturning moment on the bent. 


The transverse deck displacements are: 

Bent 2 0.086 ft 

Center Span 2 0.102 ft 

Bent 3 0.092 ft 
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t F a°ble EX 13 mple 2 ' the correspondin 9 va,ues wm b e one-quarter of the values given in 

8.1.9 Combination of Orthogonal Seismic Forces 

In both examples the combination of forces is the same (section 7 . 3 ). 

L Qad Case 1 consists of 100% of forces from the longitudinal motion plus 30% 
of forces from the transverse motion. 

pad Case 2 has 100% of forces from the transverse motion and 30% of forces 
from the longitudinal motion. 

I a pnri 1: J a h| , r S t« tS H the ^ 0mbined f0rC6S as 9iven by these load cases for Example 
1 and Table 16 has the corresponding results for Example 2. P 

8.1.10 Design Forces 

Example 1 is in Seismic Performance Category D and is governed by requirements 
for ductile members capable of forming plastic hinges which app^y to Seismic 

c r a There are — * **» <° * KJis. se 

first set is used for the preliminary design of the columns and the second set used 
columns 6 65190 ° f th ® C ° IUmn a " d the various com P onent s connected to the 

Example 2 is governed by the Seismic Performance Category B requirements which 
d r ® quire forces , resultin 9 ^om plastic hinging to be calculated. In some cases 

requirement' "do™ “ Per, °™ ,h ® PlaS “ C hln ° e calcula,lons » a ' Is no 
8.1.10A Modified Design Forces 

L he t ?® * 0rc . es are determined in the same way for both examples with the exception 
of the axial and shear forces in the columns. For all components the combined elastic 
seismic forces given in table 14 for Example 1 and Table 16 for Example 2 are divided 

P L th i aPPr0Pnate R-Factor before performing the load combinations with dead live 
and other appropriate loads. For columns in SPC C and D (Example 1), only the moment 
is reduced by the R Factor, the shears and axial forces are not reduced (section 7.6.3). 

8.l.l0B Design Forces for Structural Members and Connections 

The struetural members and connections noted in section 7 . 5.1 which are applicable 
to both examples are the column members and the abutment shear keys. For desian 

f^h° S f S tH the . S D ear and bendin 9 forces at Abutment 1 and Bent 3. were used for 
each of the load cases tabulated in table 14 for Example 1. For Example 2 the forces 

fnL°f ne ~ qUarter th ! ValU6S 9iVen in table 14 and are 9 ' v en in table 16. Member dead 
load forces are shown in table 15 for the critical column in Bent 3 and Abutment 

Assume that the earth pressure, buoyancy and stream flow are equal to zero Usina 
equation 32. the dead load forces tabulated in table 15. and the maximum elaste 
seismic forces of table 14 divided by the response modification factor where appropriate 
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Table 14: Maximum Elastic Seismic Forces and Moments 
for Load Cases 1 and 2 - Example 1 


Component 


Abutment 1 
V Z '-Shear 
P x --Axial Force 

Bent 3 

V Y >-Shear 


M 


Z’Z’ 


-Moment 


P x ,-Axial Force 
V z i-Shear 


M 


vv 


-Moment 


Load Case 1 
(1.0 Long. + 0.3 Trans.) 


548 kips 
±106 kips* 


(1030+18) 

(12900+212) 

±(115+66) 

(0+127) 

(0+1526) 


1048 kips 
13112 kip-ft 
±181 kips 
127 kips 
1526 kip-ft 


Load Case 2 
(1.0 Trans. + 0.3 Long.) 


1826 kips 
±32 kips 


(59+309) 

(707+3870) 

±(219+35) 

(424+0) 

(5089+0) 


368 kips 
4577 kip-ft 
±254 kips 
424 kips 
5089 kip-ft 


* The axial (i.e.. vertical) forces shown were determined using the moment distrubution 
method as previously stated. 
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Table 15: Dead Load Forces : Examples 1 and 2 



laoie 16 : 


Maximum Elastic Seismic Forces and Moments 
for Load Cases 1 and 2 - Example 2 


Component 

Abutments 
V z -Shear 
Px~Axial Force 

Bents 

Vyi-Shear 
M Z i z i-Moment 
Px 1 “Axial Force 
V z '-Shear 
My. y,-Moment 


Load Case 1 
n.O Long. + 0.3 Trans.) 


137 kips 
±26.5 kips 


(258+4) 

(3225+53) 

±(29+17) 

(0+32) 

(0+382) 


262 kips 
3278 kip—ft 
46 kips 
32 kips 
382 kip—ft 


Load Case 2 
(1.0 Trans. + 0.3 Long.) 


457 kips 
±8 kips 


(15+77) 

(177+968) 

±(55+9) 

(106+0) 

(1272+0) 


92 kips 
1145 kip-ft 
64 kips 
106 kips 
1272 kip-ft 


The forces and moments shown are one-quarter the values of Table 14, 


184 


(see section 8.1.5), the modified design forces are computed as follows. 


Modified Design Forces - Columns 


By inspection, for Example 1, Load Case 1 controls. Note that, in acordance with 8.1.10A 
above, only the moments and not shears and axial forces are reduced by the R-Factor. 


Vy'-Shear = 1.0(D + B + SF + E + EQM) 

= 1.0 (69 + 1048) = 1117 kips 


(54) 


= 1.0(1170 + 13112/5) = 3792 kip-ft 
= 1.0(960 ± 181) = 779 or 1141 kips 
= 1.0(0 + 127) = 127 kips 
= 1.0(0 + 1526/5) = 305 kip-ft 
Thus for a circular column, the modified design moment is: 
M = / M Z 'Z' 2 + My'Y' 2 = 3804 kip-ft. 


M Z 'Z' - Moment 

P/'-Axial 

V z —Shear 

Myy'-Moment 


(55) 


By inspection, for Example 2, Load Case 1 also controls. For this example, moments 
shears and axial forces due to earthquake are reduced by the R-Factor. 


Vy'-Shear 

M Z 'z ,- Moment 

Px'-Axial 

V z --Shear 

My-y-Moment 


= 1.0(D + B + SF + E + EQM) 

= 1.0 (69 + 262/5) = 121 kips 

= 1.0(1170 + 3230/5) = 1816 kip-ft 

= 1.0(960 ± 46/5) = 951 or 969 kips 

= 1.0(0 + 32/5) = 6 kips 

= 1.0(0 + 382/5) = 76 kip-ft 


(56) 


Thus for a circular column, the modified design moment is: 

M = S M Z 'Z' 2 + My'Y'^ = 1818 kip-ft. (57) 

Modified Design Forces - Abutment 

By inspection for Example 1 Load Case 2 controls: 

V Z '~Shear = 1.0(D + B + SF + E + EQM) 

= 1.0 (0 + 1826/0.8) = 2283 kips (58) 

By inspection, for Example 2 Load Case 2 also controls: 

V z --Shear = 1.0(D + B + SF + E + EQM) 

= 1.0 (0 + 457/0.8) = 571 kips (59) 
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After the modified design forces are calculated, the preliminary design of the column 
as described in Chapter 8 of the AASHTO Guide Specifications, [reference 4] can 
proceed. 


8-1.IOC Column Requirements (AASHTO Guide: section 8.4.1) 

A column is defined by a ratio of the clear height to maximum plan dimension equal 
to or greater than 2.5. For these examples, the vertical support has a clear height 
of approximately 22 ft and a width of 4.0 ft yielding a ratio of 5.5 and thus is classified 
as a column. 

A. Vertical Reinforcement 

The vertical reinforcement should not be less than 0.01 or more than 0.06 times the 
gross area. A ratio not exceeding 0.04 is recommended to minimize placing and 
congestion problems at splices. 

B. Flexural Strength 

The modified design forces determined above (section 8.1.10B) are used for the 
preliminary column design. Considering both the minimum and maximum axial loads 
the design loads are: 

Example 1 

P = 779 kips, M = 3804 kips—ft ( 60 ) 

P = 1141 kips, M = 3804 kips—ft 

Example 2 

P = 951 kips. M = 1818 kips-ft ( 61 ) 

P = 969 kips, M = 1818 kips-ft 


The magnification of moment due to slenderness effects is specified in AASHTO Standard 
Specifications [reference 11. Art. 8.16.5.2 for compression members not braced against 
sidesway. As specified, the effects of slenderness may be neglected when the 
slenderness ratio is less than 22. For these columns, the slenderness ratio is slightly 
greater than 22 and thus slenderness should theoretically be considered. For the purpose 
of simplicity, however, it has been ignored in these example problems. 

For Example 1, the column design requires the development of a moment-axial force 
interaction diagram (figure 80) on a trial and error basis to meet the above 
requirements. The strength reduction factor (AASHTO Guide: section 8.4.1. part B) shall 
be 0.50 when the stress due to the axial load exceeds 0.20f' c . The value of <J> 
may be increased linearly to the value for flexure (0.90) when the stress due to the 
maximum axial load is between 0.20f' c and 0. For this example the maximum column 
axial stress is 1141/A C where A c is the core area of the column (7r21 2 = 138 5 
sq.in.). Thus the axial stress is 823 psi which is greater than 0.2f' c (0.2 x 3250 = 
650 psi) and the 4> factor is therefore 0.50. 
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AXIAL LOAD (kips) 




#7 Spiral @ 3l outside end region 
#R Sniral @ 3i end region 



MOMENT (kip-ft) 


Figure 80: Column Interaction Diagram for Example 1 
(after Reference 4) 
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The column design requires a total of 48 #14 hars wh.>h „• 

Of 0.064, higher than the permitted upper limit Tn h 9 ' VeS 3 reinforcement ratio 
Appendix A of the AASHTO Guide Specifications nniv^fh S3me examp,e Presented in 
load was factored by the ® factor of 05 and y * he moment and not the axial 

This example demonstrates that when the farl QUem,y 50 #11 bars were used, 

and axial load the difference in steel reauirlmem C ° rr f Ctly applied t0 both moment 
a lar 9 er column section 

is greater P than O.lf'^Thte^stten^ IS 3lS ° ° 50 ’ since the a *<a< stress 

axial force on the interaction diagram. For this ^amSe’^hf ■ ^ ^ m ° ment 3nd 
shown in figure 81. Note that the 9 <5 factor has ht<fn ,nteract,on diagram is 

and moment. bas been applied to both the axial force 

JZTTonT nZZll Si 0 ' rein '° rCin ° Steel ' ™ s a reinforcement 
A column ultimate capacity interaction dlmram e « < in WhlC 'V S Wllhm lhe s P ecl,i «0 limits, 
curve is shown in figure ^1 The controlhnn af 9 W ‘ th th ® reduced design capacity 

load are also shown jotted in * e “duT Tte 23I a , m r e - 1818 kip ~ ft and axia < 
loads. 9Ure - The vertical bar indicates the range of axial 

loads in P that Example °2 Tiquires"fess'^han ^ne*thi^^h ^ effeCt ° f increased seismic 
required for Example 1. one-third the amount of vertical reinforcing 

8.1.10D Forces Resulting from Plastic Hinges in Columns 

xl* >r wm tw ° - 

from plastic hinging may be calculated ^ Notp ^hat* th^ Column ' the for ces resulting 

overstrength plastic moment capacity necessarv for this & 17 ' The column 

interaction diagram shown in figu^ 80. V th exerc,se ' ,s included on the 

8.1.10E Column Design 

Given the forces and moments, the design of the column can now he completed. 
Example 1 

Moment: 3804 kip-ft 

Axial Force: 

Elastic 

Plastic Hinging 

Shear: 

Elastic 

Plastic Hinging 


960 + 181 kips 
960 + 547 kips 

v/lll7 2 + 127 2 = 1124 kips 
922 kips 


usTd rcr p ,e, r e C The re ootm 9 „ *" a ‘ ial a " P '°-es are 
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Table 17: Calculation of Forces Resulting from 
Plastic Hinging in Columns 


CENTER OF MASS CENTER OF MASS 




Step 

Left 

1.3 x Mp 

Right 


Column 

Shear 

Forces 


Column 

l Axial 


% Difference* 

(kip-ft) 

Center 

Left 

Center 

(kips) 

Right 

Total 

AP 

Left 

(kips) 

Center 

Right 

1 

10020 

10020 

10020 






960 

960 

960 


2 




912 

912 

912 

2736 






3 








548 

412 

960 

1508 

_ 

4 

9900 

10020 

10140 

900 

912 

922 

2734 






5 








547 

413 

960 

1507 

0.2 


'Maximum shear force for the bent must be within 10% of previous value as described in Section 7.6.2.E 
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Example 2 

Moment 


1818 kip-ft 


Axial Force 96(1 ± 9 kips 

Shear /l21 2 +6 2 = 12 i kips 

(1). Column Shear and Transverse Reinforcement (AASHTO Guide: section 8.1.4(C)) 


For Example \ the factored (i.e.. plastic hinging) design shear force. V u obtained 
above, is 922 kips. Using the strength reduction factor for shear specified m 
Standard Specifications [reference 11. section 8.16 and equation 8-46 of Art. 8.16.6 
of the same Standard Specifications, the factored shear stress for a circular column 

is: 


_ Vu _ _ § 2 . 2 . _ 

Vu " $bd 0.85 x 48 x 43 


526 psi 


(62) 


The stress carried by the concrete outside the column end regions (AASHTO Standard 
Specifications, Art. 8.16.6.2) is given by. 


v c = 2 SrZ = 114 psi 


(63) 


Using equation 8-50 of Art. 8.16.6.3 of the same Standard Specifications and the values 
calculated above for the factored shear stress and the shear stress carried by concrete, 
the total shear reinforcement A v is: 


(v u ~ v c ) bs = (526 . ..1— 48 x 3.5 


60.000 


= 1.15 in 2 total area 


(64) 


or 


1^- in 2 = 0.58 in 2 per leg 


Therefore, a #7 spiral at 3-1/2 in. pitch should be used outside the column end region. 

As ExamDle 2 is in SPC B. the minimum transverse reinforcement requirements at 
the Top and bottom of a column shall be as required by AASHTO Guide Specification 
section 8.4.1(D). The spacing of the transverse reinforcement shall be as required in 
AASHTO Guide Specification section 8.4.1(E). except that the maximum spacing is 
permitted to increase to 6 Inches if not limited by other requirements. 
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Essentially, the requirements of section 8.4.1(D) of the AASHm r.iina e ... 
are the same as section 8.18 of the aashtd ! *.J° Guide Specification 

of the spiral reinforcementshaM netted \hin Spec,f,catl0n the ratio 


Ps = 0.45 1 1 Jls 

l A C J fyh 

The AASHTO Guide Specification has an additional requirement of: 

p s = 0.12 Jj? 

T yh 


The AASHTO Standard Specification, section 8.18 also has a clear soarinr 
between spirals that shall not exceed 3 inches. P ® 


(65) 


( 66 ) 

requirement 


4 


Ps 

or 


0.45 


12.57 

9.62 


3,250 


60,000 


T = 0.0075 


(67) 


Ps 


0.12 


3,250 

60.000 


0.0065 


( 68 ) 


The cross-sectional area of a spiral at 3-1/2 inch pitch is given by: 

A__ = Ps sD c - 0.0075 x 3.5 x 41.25 
S P 4- 4 -— = 0.270 in 2 


(69) 


ar£Es “ S' srsr/M 

(2) Column End Region CAASHTO Guide: section 8.4.1(C)) 


1. Maximum cross-section dimension, d = 4.0 ft 

2 . One-sixth of clear height, 22/6 = 3.67 ft 

3. Eighteen inches 


The column cross-section dimension of 4 0 ft the lama*.* w 


minimum axial stress 


and 


(960-547 ) 

12.57 x 144 ” 228 P si 


(70) 


Q-lf' c = 325 psi > 228 psi 


( 71 ) 
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the shear stress taken by the concrete is assumed to be zero. This will yield shear 
reinforcement. A v , in the end areas of: 


Ay = bs = 6 q bfi o x 48 x 3,5 = 1-47 in2 total area required (72) 

or y 

in 2 = 0.74 in 2 per leg 

Thus, a #8 spiral with a 3-1/2 in. pitch in the 4 ft-0 in. end regions at top and 
bottom of columns should be used. 


<3> Transverse Reinforcement for Confinement at Plastic Hinges CAASHTO Guide: section 
8.4.1(D)) 

The volumetric ratio of spiral reinforcement is the greater value given by equation 8- 
1 or equation 8-2 of Chapter 8 of the AASHTO Guide Specifications. Therefore. 


Ps = 0 45 ( 


1 ]t 


'c 
12.57 


T yh 


3250 


= 0.0075 


or 


Ps 


= 0,45 ( ~9l2 ~ 1 ] 60.000 


- Q 12 f ' c ~ 012 X 3250 = 0.0065 

— u. \c. , nnn 


T yh 


60.000 


The cross-sectional area of a spiral at 3-1/2 in. pitch is given by: 


(73) 

(74) 


_ p<?sD c _ 0.00 75 x 3.5 x 41.25 _ ^ j n 2 ( 75 ) 

4 4 


Since this is less than the shear reinforcement, there is no additional requirement 
for confinement at the plastic hinges; thus use #8 spiral at 3-l/2in. in the 4ft-0in. 
end regions and #7 spiral at 3-1/2 in. throughout the remaining center portion of 

the column. 

8.1.10F Connection Design Forces 

Guidelines are given in section 7.6.5 for the design of hold-downs and other connections. 

(1) Hold-Down Forces at Abutments 

For Example 1. hold-down devices are required if the upward reaction due to longitudinal 
seismic forces exceeds 50% of the dead load reaction (section 7.6.5. part B). The 
following calculations show that hold-down devices are not required. 
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Abutment 1 


0.5DL = 0.5 x 624 = 312 kips 
312 > 106 None Required 

For Example 2 (SPC B) there are no hold-down force requirements. 
( 2 ) Column and Pier Connection Design Forces 


^° r 1 the followin 9 des, 9n forces which result from plastic hinoina (table 

.ominos U$ deS ' 8n ' he ° 0 ' umn c °"" ecti °" s « •» bantcap a „7?he 9 oo! d ™ 


Axial 

413 

kips 

Shear 

900 

kips 

Moment 

9900 

kip-ft 

Axial 

1507 

kips 

Shear 

922 

kips 

Moment 

10140 

kip-ft 


For the connection of the 
R-Factor is 1 and thus the 
design forces. 


column to pile cap in Example 2 and to the bent cap the 
connection forces are significantly greater than the column 


The following design forces should be used to design 
bent cap and the column footings. 


the column 


connections at the 


Axial (960 ± 46) 

Shear (69 + 262) 
Moment (1170 + 3278) 


= 914 or 1006 kips 
= 331 kips 
= 4448 kip-ft 


8.1.10G Foundation Design Forces 


(77) 


in '“"“T'" 9 de !'° n ,orces which '«»“« from plastic hinging (table 

f- T? * --- STS raJZ a Fo 0 „n S dabon h paad Sd oa°i 

'° rCSS are *“ untactorecf etestkf^torces 


Min Axial 
Shear 
Moment 

Max Axial 
Shear 
Moment 


413 kips 
900 kips 
9900 kip-ft 

1507 kips 
922 kips 
10140 kip-ft 


For Example 2. foundation design in SPC B requires the ela« 
by half the R-Factor to be used for the substructure desic 
in this example is 5/2=2.5. 


seismic forces divided 
(section 7.5.2). which 
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Thus the following design forces should be used to design the foundations at the base 
of each column. Foundation dead load should be added to these forces. 

Axial (960 ± 46/2.5) = 942 or 978 kips (78) 

Shear (69 + 262/2.5) = 174 kips 
Moment (1170 + 3230/2.5) = 2462 kip-ft 

These forces are for load case 1. If the foundation is not symmetrical forces for load 
case 2 also need to be checked. 

8.1.10H Abutment and Retaining Wall Design Force 

For Example 1, the R-Factor is 0.8 and thus the design forces at Abutment 1 are 
DL + EQ/0.8 : 

Vertical loads 624+106/0.8 = 834 kips ^ 78 ^ 

Shear-keys 1826/0.8 = 2283 kips 

For Example 2, the R-Factor is also 0.8 and thus the design forces at abutment 1 
are: 

Axial-bearings 624 + 26.5/0.8 = 651 kips ^ 88 ^ 

Shear-keys 450.5/0.8 = 571 kips 


8.1.11 Design Displacements 
Example 1 

The longitudinal displacement at the abutment due to the longitudinal earthquake loading 
was calculated in Step 5 of section 8.10.1 and is 

N = 0.239 ft = 2.9 in. (81) 

The minimum support length at the abutment bearing seat is calculated from equation 
34A (section 7.6.8) as follows: 

N = 12+0.03L + 0.12H 

= 12 + 0.03 x 376 + 0.12 X 25 

= 26 in. (82) 

Thus the support length at the abutments should be at least 26 inches. 


Example 2 

The longitudinal displacement at the abutment due to the longitudinal earthquake loading 
was calculated in Step 5 of section 8.10.1 and is: 

N = 0.06 ft = 0.7 in. (83) 

The minimum support length at the abutment bearing seat is calculated from equation 
31A (section 7.4.2) as follows: 
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N = 8 + 0.02L + 0.08H 

= 8 + 0.02 x 376 + 0.08 x 25 
= 17.5 inches 

( 84 ) 

Thus the support length at the abutments should be at least 17.5 inches. 


8.2 EFFECT OF SUPERSTRUCTURE WEIGHT ON SEISMIC ANALYSIS 

liS ZTpeX S,e on conZcZ. ^'study The" SI, ZZZln suoerTZ ° r 

nZ ! he P“ rpo * e ° f i,lustration ' two different superstructure weights are considered- 

r ™izr e used * ,he 


Example 3: 3-span continuous girder. 

Geometry, piers.abutments and SPC as for Example 1 
Superstructure weight 0.5 x weight of Example 1. 

Example 4: 3-span continuous girder. 

Geometry, piers.abutments and SPC as for Example 1 
Superstructure weight 2.0 x weight of Example 1. 


: ns r„r 1 




A decrease in superstructure weight by a factor of 0.5 
longitudinal period from 0.60 to 0.43 seconds . 


shortens the 


• C s therefore increases from 0.81 to 1.00. 


• Column shears decrease by a factor of 0.62 despite the increase in 
response coefficient. This is because the reduction in superstructure 

coefftcient. m ° re S ' 0nifiCant than the '"crease in the lateral load 


When the superstructure weight is increased, table 18 also shows that: 




An increase in the superstructure weight by a factor 2 
longitudinal period from 0.60 to 0.85 secs 


increases the 
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• C s decreases from 0.81 to 0.64. 


• The column shears increase by a factor of 1.58. despite the opposite 
trend in response coefficient. This is again because the change in 
superstructure weight is more significant than the variation in load 
coefficient. 

In summary, an increase or decrease in superstructure weight will have a corresponding 
impact on the forces in the substructure. If the bridge is reasonably stiff with a period 
that corresponds to the flat part of the design spectra, where changes in Ce are 
not dramatic (figure 60). then the reduction or increase in substructure forces will 
be directly proportional to the reduction or increase in the superstructure weight. 


8.3 EFFECT OF BEARING CONFIGURATION ON TRANSVERSE RESPONSE 

If the continuous superstructure in Example 1 is not cast monolithic with the columns 
bearings will be required on the bent caps at the two bent locations and, in all 
likelihood, at the abutments. With the introduction of bearings, a number of different 
configurations may be considered. Bearing hardware is such that different restraint 
conditions may be provided in the longitudinal and transverse directions at each bearing 
location. These in turn affect the longitudinal and transverse response of the bridge. 

In order to illustrate the impact of different fixity conditions in the transverse direction, 
the superstructure is assumed to be continuous (as in the Example 1) and a relatively 
stiff bent cap is assumed to connect the three columns in each bent such that the 
clear height to the bottom of the bent cap is 25 ft. Three different transverse bearing 
configurations are considered as follows: 

Example 5: 3 span continuous bridge. 

Bearings at each bent cap and abutment. 

Geometry, piers, abutments, weight and SPC as for Example 1. 
Pinned transverse connections at abutments. 

Fixed transverse connections at columns. 

(Same transverse support as for Example 1). 

Example 6: 3 span continuous bridge. 

Bearings at each bent cap and abutment. 

Geometry, piers, abutments, weight and SPC as for Example 1. 
Pinned transverse connections at abutments. 

No transverse connections at column bearing locations. 

Example 7: 3 span continuous bridge. 

Bearings at each bent cap and abutment. 

Geometry, piers, abutments, weight and SPC as for Example 1. 
No transverse restraint at abutments. 

Fixed transverse restraint at column bearing locations. 

The analytical results for these three configurations are given in table 19. The global 
distribution of the shear forces to the substructures follows directly from the restraints: 
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• Example 5 shows shear forces at all 4 supports, 

• Examples 6 and 7 show shear forces at either the abutments or the 
columns respectively. 

• For Example 7, the total seismic shear force Is reduced from 6200 
kips (Example 5) to 4100 kips because of the longer period, and the 
shear forces in the columns are almost double those of Example 5 
because of the lack of restraint at the abutments. 

Due to the improved distribution of load to the foundations, transverse restraint at all 
bearing locations is usually preferable unless there are unusual circumstances such 
as very weak columns or very weak abutments, which may then require the use of 
the bearing configurations assumed in Example 6 or 7. A similar and possibly more 
desirable configuration is the use of elastomeric or isolation bearings at all supports. 
Not only will a uniform distribution of loads at all four supports be achieved, but also 
the total and individual shear forces may be reduced very significantly (section 4.7). 


8.4 EFFECT OF BEARING CONFIGURATION ON LONGITUDINAL RESPONSE 

As in section 8.3, if the superstructure is assumed to be continuous and supported 
on bearings rather than cast monolithic with the columns, many different bearing 
configurations are possible. The effect of changing the bearing restraints in the 
longitudinal direction is illustrated in this section. The two examples considered are. 

Example 8 : 3 span continuous bridge. 

Bearings at each bent cap and abutment. 

Geometry, piers, abutments- weight and SPC as for Example 1. 
Pinned longitudinal connections at piers. 

No longitudinal restraint at abutments. 

(Same longitudinal support as for Example 1). 

Example 9: 3 span continuous bridge. 

Bearings at each bent cap and abutment. 

Geometry, piers, abutments, weight and SPC as for Example 1. 
Pinned longitudinal connections at one bent location. 

Longitudinal expansion joints at all other locations 
(i.e. no restraint and free to slide). 

The results for these two configurations are also given in table 19. In Example 8. 
the shear forces are shared equally by the two bents whereas, in Example 9, one 
bent resists all the shear forces. Although the total shear force is reduced from 6180 
kips (Example 8) to 4880 kips due to the longer period, the bent which resists this 
force (in Example 9) has a 60 percent increase in force demand. If the abutment 
stiffness had been included in Example 8. the distribution of forces would have been 
improved and be similar to that calculated for the equivalent configuration in the 
transverse direction (Example 5). 

As with the transverse direction, if elastomeric or isolation bearings are used at all 
four supports, then not only will a more uniform distribution of forces be found but 
also the total and individual shear forces may be reduced very significantly. 
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CHAPTER 9 RETROFITTING 


rl“51rlrH rr “ r ~ = 

h qu ' red f ° r new bnd 9 es ' and where new procedures have been developed these have 
been made compatible with the AASHTO Guide Specifications w^ver^ZslZ. 

The seismic retrofitting process can be divided into 3 major steps: 

• Preliminary Screening Methodology - to rank or prioritize a large 
number of bridges in order of decreasing importance taking into 

oth C e7 n r ele , van!“i;L V es neraBIII,y ' H ' e ' ine dependent *- ™'"™> and 


• Detailed Evaluation Procedure 
bridge that require retrofitting. 


to determine the components of a 


Selection and Design of Retrofit Measures. 


methodology ,s' d^£™ if dL^T^ ^TVe’deta'I’ed ^alu^? 

are presented and the capacity/demand ratio is introduced in sections 9 3 and 9 4 

in section y 9 . 5 Se,Sm ' C retr ° m COncepts and their *»'9n requirements are' discussed 


9-1 OVERVIEW OF THE PROCESS 

^ e,ineS d ° n0t prescribe ri 9 ld requirements dictating when and how 
of fLors.^r oT wh^ch'"are ^outside^the 0 realm 6 o^engineering. w^uid 1ST 

con^^IT^ 
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and in deciding the relative importance of seismic retrofit as against retrofit for other 
in-service conditions, such as for vehicle or wind loads. 

Seismic retrofitting of bridges is a relatively new concept. Only a few retrofitting 
schemes have been used in practice. At the present stage of development, seismic 
retrofitting is an art requiring considerable engineering judgment. The Retrofit Guidelines 
present concepts in seismic retrofitting, but should not be interpreted as restricting 
innovative designs which are consistent with the principles of good structural engineering. 

The primary goal of seismic retrofitting is to minimize the risk of unacceptable damage 
during a design earthquake. Damage is unacceptable if it results in: 

• The collapse of all or part of the bridge, 

• The loss of use of a vital transportation route which may pass over 
or under the bridge. 

Because of the difficulty and cost involved in strengthening an existing bridge to new 
design standards, it is usually not economically justifiable to do so. For this reason, 
the goal of retrofitting is limited to preventing unacceptable collapse modes of failure 
while permitting a considerable amount of structural damage during a major earthquake. 
In some bridges, the ability of the bridge to carry light emergency traffic immediately 
following an earthquake is also important. The threshold of damage that will constitute 
unacceptable failure must be defined by the engineer by taking into consideration the 
overall configuration of the structure, the importance of the structure as a lifeline 
following a major earthquake, the ease with which certain types of damage can be 
quickly repaired, and the relationship of the bridge to other structures that may or 
may not be affected during the same earthquake. Because of the complexity of these 
decisions and the many nonengineering factors involved, a considerable amount of 
judgement will be required. 

9.1.1 Applicability 

The Retrofit Guidelines are intended for use on highway bridges of conventional steel 
and concrete girder and box girder construction with spans not exceeding 500 ft. 
This includes approximately 85 to 95 percent of the existing highway bridges. Suspension 
bridges, cable-stayed bridges, arch-type, and movable bridges are not covered. However, 
many of the concepts discussed below can be applied to these types of structures 
if appropriate judgement is used. 

The Retrofit Guidelines are recommended for all applicable bridge structures classified 
as Seismic Performance Category (SPC) B or greater. Seismic retrofit should always 
be considered when nonseismic rehabilitation is being undertaken or when a bridge 
is being widened so that the new and old parts of the structure have similar seismic 
performance. Bridges in SPC A generally do not need to be considered for seismic 
retrofitting. Minimum requirements for evaluation and upgrading will vary based on the 
Seismic Performance Category of the bridge. 

Preliminary screening is optional for bridges classified in SPC B. However, seismic 
retrofitting of bridges in this Category should definitely be considered for bridges 
undergoing non-seismic rehabilitation. These guidelines require that only the bearings, 
joint restrainers, and minimum support lengths be considered for the retrofit of bridges 
in Category B. 
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Bridges in SPC C and D may be subject to the highest potential force levels durinq 
an earthquake. Because many bridges were constructed prior to modern seismic design 
standards, there is a great risk that these bridges will sustain unacceptable damage. 
Even though current practice has only considered the retrofit of bearings and/or 
expansion joints, these guidelines propose a methodology whereby all critical components 
can be evaluated in detail and thus considered for retrofit. This will be increasingly 
important as more experience is gained and economical methods are developed for 
retrofitting these other components. K 

9.1.2 The Retrofitting Process 


Not all bridges in the highway system can be retrofitted simultaneously, the most critical 
bridges should be retrofitted first. The selection of bridges for retrofitting requires 
an appreciation for the economic, social, administrative, and practical aspects of the 
problem, as well as the engineering aspects. Seismic retrofitting is only one of several 
possible courses of action. Others include bridge closure, bridge replacement, or 
acceptance of the risk of seismic damage. Bridge closure or replacement are usually 
not justified by seismic deficiency alone and will generally only be considered when 
other deficiencies exist. Therefore, for all practical purposes a choice' must be made 
between retrofitting or accepting the seismic risk. This choice will depend on the 
importance of the bridge and on the cost and effectiveness of retrofitting. 

The seismic retrofitting process can be divided into three major steps. These are: 

• Preliminary screening. 

• Detailed evaluation. 

• Design of retrofit measures. 


A flow chart of the retrofitting process as it applies to bridges in different Seismic 
Performance Categories Is shown in figure 82. Preliminary screening of seismically 
deficient bridges is necessary to identify bridges which are potentially in the greatest 
need of retrofitting. This is particularly important when a comprehensive retrofitting 
program is to be implemented. Certain elements of the screening procedure may 
also be used to quickly determine if seismic deficiencies exist in individual bridqes 
The detaiied seismic evaluation for retrofitting begins with a quantitative evaluation of 
individual bridge components and failure modes. The forces and displacements resultinq 
from an analysis of the bridge using the design earthquake are known as 
demands, and these are compared with the ability or capacities of the components 
to resist those forces and displacements. To facilitate this comparison, a component 
capacity/demand (C/D) ratio is calculated. This ratio is defined and used in a similar 
manner to a bridge rating factor which may be used in the vertical load capacity 
evaluation of an existing bridge. H y 

A r ^ ti ° l6SS than . one indicates that component failure may occur during the design 
earthquake and retrofitting may be appropriate. 

An overall assessment of the consequences of local component failure will be necessary 
to determine the need for retrofitting. Retrofitting should be considered when an 
assessment indicates that local component failure will result in unacceptable overall 
performance. The effect of potential retrofitting measures should be assessed by 
performing a detailed re-evaluation of the retrofitted bridge, since the upgrading of 
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Figure 82: Seismic Retrofitting Process 
(from Reference 5) 
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a vulnerable component (e.g. a 
more vulnerable than previously 


bearing) may make another 
assessed. 


component (e.g. 


a column) 


9-2 PRELIMINARY SCREENING METHODOLOGY 

lr^sh 0r ,o IO p"orSTrrr.he S S«r' nUmber H 0f brid0es unaer 1,5 ^action 
retrofitting. I*°«oT 2 °o, IT £££*. ,or , selsm,c 

screening procedure to facilitate the ranking procest A summa ™ of the P „ rel,m ' nar '' 
is provided below. Some of the more refinL XL,* . sun \ m f r y of . the procedure 

vulnerability are omitted but these can be found in the Co^mlm^™'?'" 9 component 
the above Guidelines. 0 0 the Commentary for section 2 of 

r ssr 

optiona, and greatiy si.pllfie^ hr,dg"es in 

n h C H ln fi9Ure 83 i,lustrates the preliminary screening procedure as it aonliet 

to bridges in different Seismic Performance Categories. P ® 35 11 appl,es 

9.2.1 Seismic Inventory Of Bridges 

The first step in implementing the Seismic Rating System is to makP inuon( „ 
ai applicable bridges with the objective of establishing the following basic information: 

’ described “ h 6 ’ 6 ™ 1 " 6 ** VU '" eraBI "V '*<"9 


9 


Seismicity of the bridge site. 

9 'mportance of the structure as a vital transportation link 

S5^£SSHr^ir~s:*S 


§. 2.2 


Seismic Rating System 


aatiSry"' “OZm'lm Srminfng (he Sriofuv ff'Ceed 0a I ame,ers are 

cf considering ,he T?e ™""T 0 . ** 

, ar8 h‘ hree mai0r var ' ab,as «“ ^™ld he Considered ThSe 

*ulner«oilil,ty of ihe structural system, the seismicity of the bridae site 
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BRIDGE SEISMIC INVENTORY DATA 


GENERAL: 

Bridge Name: 

Location: 

ADT: Detour Length: 

Alignment: Straigh t Skewed_ 

Length: _ _ 

Width: 

Year Built: 

Seismically Retrofitted: Yes_No 

Classification: Regular_ Irregular 


Essential Bridge: 
Curved Remarks 


Description: 

Remarks: 


Yes 


SITE: 

Peak Acceleration: 

Soil Profile Type: ! n~ III 
Liquefaction Potential: Yes No 


SUPERSTRUCTURE: 

Material and Type: 

Number of Spans: 
Continuous: Yes No 


Number of Expansion Joints: 


BEARINGS: 

Type: 

Condition: Functionin g Not Functioning --— 

Type of Restraint (Trans): 

Type of Restraint (Longit): ' ----—- 

Remarks* UPP ° rt Length: Minimum Required Support Length : 


No 


COLUMNS AND PIERS: 
Material and Type: 


Minimum Transverse Cross-Section Dimension: 

Minimum Longitudinal Cross-Section Dimension: 

Height Range: _ Fixity: Top _ Bottom- 

Percentage of Longitudinal Reinforcement: 

Splices in Longitudinal Reinforcement at End Zones: 

Transverse Confinement:_ Conforms to Design Guideline: Yes" 

Foundation Type: _ 


Yes 


No 


ABUTMENTS: 

Type: 

Height! — -- 

Foundation type:_Location: Cut I 

Wmgwalls: Continous Discontinous Teno-th 

Approach Slabs: Yes _ No _ LeHgth: - 

SEISMIC RATINGS: 

Vulnerability Rating: 

Bearings: _ Other: 

Highest Rating: _ Weight: Score: 

Importance Rating: _ Weight: Score- 

Seismicity Rating: _ Weight: ' ~ Score- 

Total Seismic Rating 


Figure 84: Bridge Seismic Inventory Form 
(from Reference 5) 


No 


206 






and a weight from which a score is calculated. The scores are then added to arrive 
at an overall seismic rating according to the following procedure : 

Vulnerability Rating (rating 0 to 10) x weight = score 

Seismicity Rating (rating 0 to 10) x weight = score 

Importance Rating (rating 0 to 10) x weight = score 
Seismic Rating (100 maximum) = Total Score 

The higher the seismic rating score, the greater the need for the bridge to be evaluated 
for seismic retrofitting. It is recommended that each weight be taken as 3.33 unless 
different weights, which must total 10. are assigned by the engineer to reflect regional 
and jurisdictional needs. 

It is obvious that the Seismic Rating System is very subjective. To enhance consistency 
it is desirable to have the rating of all bridges in one geographical area performed 
by the same personnel. It is important that the current condition of the bridge be 
considered in determining these ratings. It is therefore recommended that maintenance 
personnel who are familiar with the current bridge condition participate in the rating 

process. 

9.2.2A Vulnerability Rating 

Vulnerability ratings may assume any value between 0 and 10. In general, a 0 rating 
means a very low vulnerability to unacceptable seismic damage, a 5 means a moderate 
vulnerability of collapse or a high vulnerability to loss of access, and a 10 means 
a high vulnerability to collapse. This does not mean that the vulnerability rating must 
assume one of these three values. It is useful to consider the seismic vulnerability 
of the bearings, joint restrainers, and support lengths separate from the vulnerability 
of the remainder of the structure. The other factors will include columns, piers, 
footings, abutments, and vulnerability resulting from ground liquefaction. Separate 
vulnerability ratings between 0 and 10 should be assigned to both of these general 
areas. The overall vulnerability rating of the bridge shall be taken as the greater 
of these two ratings, although a record should be kept of both values. 

For bridges classified as SPC B. only the vulnerability ratings for bearings, joint 
restrainers, and support lengths need to be calculated. Determination of these ratings 
requires considerable judgement. A suggested methodology for determining these ratings 
is covered in the Commentary for chapter 2 of the Retrofit Guidelines [reference 51. 

9.2.2B Seismicity Rating 

The seismicity rating shall be taken as 25 times A. where A is the acceleration 
coefficient taken from the maps in figure 55. The maximum seismicity rating is 10 
for an Acceleration Coefficient of 0.4. 

9.2.2C importance Rating 

The importance rating will be based on the Importance Classification, 1C. of the bridge 
which is determined from Social/Survival and Security/Defense requirements as discussed 
in section 6.6. The Importance rating may vary from 0 to 10. depending on the relative 
importance of the structure within each of the Importance Classifications as shown 

in table 20. 
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Table 20: Importance Rating 


Importance 
Classification (in) 


Importance 

Ratinn 


6-10 points 
0-5 points 


Immediate consequences will result from the collansn nf th* 

an. physical « ^ *«*» 

Other consequences of failure result from the loss nf „«=« m k w 

^Si=fSH-==-=S= 

9.2.3 Other Factors for Consideration 

: s rs Tsr^-sr^st 

deo^on eX , a o m r«rom'a Z7 S e° ** ' n " UenCe ,hiS “""*"»>» "« °" .he 

in figure 85. assume that bridge A. has a high seismic rating and is located on a 

ris r r v* r ^2SS1 r r5Ti 

the route and do nothing to prevent failure to bridoes B and r in P 

rrrrs.'r 8 xr ^"-s 

The opposite effect could occur if bridae A in finnro h=>w _ u . u 

= trsw srwsrr r« rS. r.I 

ttJms.vs&vzst fisr. 
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Figure 85: Bridges in Series 
(from Reference 5) 












bridge E but bridge D is more economical to retrofit, then it might be more rational 
to retrofit bridge D before bridge E even though bridge E had the higher rahng. 

A further consideration when a decision to retrofit is to be made is the aoe and 
condition of the bridge. It would not be rational to spend a large amount ^retrofit 
bridge with only five years of service life remaining. However an unusually hioh 
such m a bridg e e rab,,,ty "*** b ® 3 Just,fication t0 accelerate closure or replacement of 

A bridge in poor physical condition that is scheduled for nonseismic rehabilitation should 

realized" hw nlT' P^ J or selsmlc retrofitting, since construction savings can be 
realized by performing both the nonseismic and seismic work simultaneously. 


9-3 DETAILED EVALUATION PROCEDURE 

The detailed seismic evaluation of a bridge will be performed in two phases The 
first phase will be a quantitative evaluation of individual bridge components using the 
resu s from one of the two analysis procedures specified In the AASHTO GuWe 

nSm '.hl T [,e erer "? e 41 and discussed in chapter 7. The analysis will be performed 

(referred tfTdemanTt 'nT 0 ** ** Sl,e ' The resul " n 9 ,orces and disptecements 

(referred to as demands) will be compared with the ultimate force and displacement 

capacities of each of the components. A capacity/demand ratio is then calculated for 

each potential mode of failure in the critical components. This ratio is intended to 

o^reSng 6 POrt, ° n ° f ^ deSi9 " earthquake that each of the components is capable 


Mrh n?°H, d Ph3Se ° f evaluation ,s an assessment of the consequences of failure in 
each of the components with insufficient capacity to resist the design earthquake 

Z, be , 9ive h n t0 retrofitting substandard components if their failure Results 
in bridge collapse. In the case of certain essential bridges, the loss of function may 
also warrant the consideration of retrofitting. ^ 


There are four areas where local failure 
capacity/demand ratios should be calculated. 


may occur and where component 
These are: 


• Bearings and Expansion Joints. 

• Columns. Piers and Footings. 

• Abutments. 

• Liquefaction of Foundation Soil. 


A flow chart detailing this procedure is shown in figure 87 and 
component capacity/demand ratios is given in section 9 . 4 . 


the calculation 


of 


9.3.1 Review of Bridge Records 


Most cigencies maintain a file of as-built bridge plans and a bridge maintenance file 

hrfrinp nSP Th-' 0n , reports and informat 'on about major repairs or modifications to each 
bridge This information is generally readily available and very useful for the detailed 
evaluation process. Additional information may also be obtained from the original design 
cadilations and construction records, although these documents are sometimes more 
difficult to obtain. Bridge rating calculations to determine live-load capacity may also 
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Figure 87: Procedure for Evaluating a Bridge for Seismic Retrofitting 

(from Reference 5) 
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contain useful information about the condition and strength of the materials used to 
construct the bridge. 

9.3.2 Site inspection 

Current federal legislation requires that all bridges over 20 feet in length be inspected 
biannually as part of the National Bridge Inspection Standards. In general these 
inspections are designed to monitor deterioration of the structure, as it may affect the 
live-load rating, and are not specifically directed toward seismic evaluation. It will 
therefore, usually be necessary to make a separate inspection of a bridge to detect 5 
seismically vulnerable conditions, or to specifically instruct maintenance personnel to 
monitor these conditions during their routine maintenance inspections. 

A field inspection of bridges selected for detailed evaluation should be made to verify 
the information obtained from the review of bridge records and to talk to bridge 
maintenance and inspection personnel. The items which should be noted in the field 
inspection are as follows: 


© Unusual lateral movement under service loading (traffic, temperature 
minor earthquake) 

• Unusual gap or offset at expansion joints. 

• Differential gaps at hinges which result in greatly reduced seat width. 

• Large gaps between bridge end diaphragms and abutment backwall 

• Damaged, malfunctioning or unstable bearings. 

• Damage or deterioration to the main and secondary structural members. 

© Extra dead load, such as wearing surface, utilities, and sidewalks 

not shown on plans. 

• Unusual erosion of soil at or near the foundation. 

• Horizontal or vertical movement or tilting of the abutments, columns 
or piers. 

• Any deviations from the plans and specifications. 

9.3.3 Quantitative Evaluation of Bridge Components 


The type of components required to be evaluated for unacceptable failure during an 
earthquake will vary with the Seismic Performance Category of the bridge. Table 21 
indicates the components and failure modes that should be checked in the detailed 
quantitative evaluation procedure. 


Seismic demands will be determined from an elastic analysis of the bridge performed 
using the design earthquake or from the minimum bearing force and support length 
requirements that are specified. The limiting available capacity is generally assumed 
to be one or more of the following: 


® The displacement at expansion joints that will result in a total loss 
of support and collapse of the bridge. 

• The ultimate force capacity of fixed bearings. 

• The ductile capacity of columns, walls and foundations beyond which 
unacceptable strength degradation can occur. 
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Table 21: Components for which Seismic Capacity/Demand Ratios 

Must be Calculated 


Seismic Performance Category 

B 

C 

C 

D 

Acceleration Coefficient 

.09<A<.19 

.19<A<.29 

.29 <A 

.29<A 


EXPANSION JOINTS AND BEARINGS 


Support Length 

X 

X 

X 

X 

Forces 

X 

X 

X 

X 

REINFORCED CONCRETE PIERS 





AND FOOTINGS 





Anchorage 


X 

X 

X 

Splices 


X 

X 

X 

Shear 


X 

X 

X 

Confinement 


X 

X 

X 

Footing Rotation 



X 

X 

ABUTMENTS 





Displacements 



X 

X 

LIQUEFACTION 


X 

X 

X 


Table 22: Form for Comparison of Capacity/Demand Ratios 


As-Built Retrofit Retrofit 

_ Component _ Bridge Scheme 1 Scheme 2 

EXPANSION JOINTS AND BEARINGS 

Displacement - r bc j _ _ __ 

Force - r bf - -- 

REINFORCED CONCRETE PIERS, 

AND FOOTINGS 
Anchorage of Longitudinal 

Reinforcement - r ca _ _ _ 

Splices in Longitudinal 

Reinforcement - r cs _ _ _ 

Confinement Reinforcement - r cc _ _ __ 

Column Shear - r cv _ _ _ 

Footings - rf r - -- 

ABUTMENTS - r ad _ _ _ 

LIQUEFACTION - r s) _ __ 


213 



• Abutment displacements which could result in the bridge becoming 
inaccessible following an earthquake. 


• Foundation movements which are excessive and will result in a collapse 
of the structure or loss of bridge accessibility. 


The basic equation for determining the seismic capacity/demand ratio, r, is 
r = R c ~ EQi 

q eq 

where 


( 85 ) 


R c = The nominal ultimate displacement or force capacity for the structural 
component being evaluated. 

EQj = The sum of the displacement or force demands for loads other than 
earthquake which are included in the group loading defined by equation 


Qeq = The displacement or force demand for design earthquake loading at 
the site. 


Capacity/demand ratios should be calculated at the nominal ultimate capacity without 
the use of capacity (strength) reduction factors (<D) so as to obtain a more realistic 
estimate of the as-built capacity of the members. A more detailed discussion on the 
calculation of C/D ratios is given in section 9.4. 

9.3.4 Identification and Assessment of Potential Retrofit Measures 

The capacity/demand ratios indicate the earthquake load levels at which individual 
components may fail. The capacity/demand ratios for the as-built condition of a bridge 
should be tabulated as shown in table 22. Values greater than one indicate that the 
component is not likely to fail during the design earthquake, whereas values less than 
one indicate a possible failure. 

Beginning with the lowest capacity/demand ratio, each value less than one should be 
investigated to assess the consequences of local component failure on the overall 
performance of the bridge to identify retrofit measures and to determine the effectiveness 
of the retrofit measure considered. Component failure is always considered unacceptable 
if it results in the collapse of the structure. If component failure results in a loss 
of access or loss of function, this may also be unacceptable if the bridge serves a 
vital transportation route. if component failure does not result In unacceptable 
consequences, then retrofitting is usually not justified for the component in question. 

if the consequences of component failure are unacceptable, then the effectiveness of 
retrofitting that particular component should be evaluated. If the response of the 
remainder of the structure is affected by the retrofit of a component, then new 
capacity/demand ratios should be calculated and tabulated as shown in table 22. If 
an improvement in overall bridge performance will result from the component retrofit 
and this can be accomplished at a reasonable cost, then the bridge should be 
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retrofitted. Each component with a capacity/demand ratio less than one should be 
investigated in this way. 

9.4 CAPACITY/DEMAND RATIOS 

The detailed evaluation of a bridge requires the determination of component 
capacity/demand ratios as shown in table 21. The demands are obtained either from 
minimum specified values in the case of bearings and bearing support lengths or from 
an elastic analysis of the bridge. The analysis procedures and design loads required 
to calculate the demands are identical to that required for a new bridge, including 
the combination of forces in orthogonal directions. 

9.4.1 Bearings and Expansion Joints 

Bridge superstructures are often constructed discontinuously to accomodate anticipated 
superstructure movements such as those caused by temperature variation or to allow 
for the use of incompatible materials. Discontinuities necessitate the use of bearings 
which provide for rotational and/or translational movement. During an earthquake, steel 
rocker and roller bearings (figure 100) have proved to be among the most vulnerable 
of all bridge components. 

In major earthquakes, the loss of support at bearings has been responsible for several 
bridge failures. Although many of these failures resulted from permanent ground 
displacements, several were caused by vibration effects alone. The San Fernando. 
California earthquake of 1971, the Guatemala earthquake of 1976. and the Eureka, 
California earthquake of 1980, are some recent examples of earthquakes in which bridge 
collapse resulted from bearing failure. Even relatively minor earthquakes have caused 
failure of anchor bolts, keeper bar bolts, welds and nonductile concrete shear keys. 
In many of these cases the collapse of the superstructure would have occurred if 
the ground motion were slightly more intense or longer in duration. 

Capacity/demand ratios for bearings will be calculated for both displacement and force. 
Displacements are investigated in the longitudinal direction 

The force capacity/demand ratio is calculated for bearings designed to resist lateral 
loads. 


9.4.1 A Displacement Capacity/Demand Ratio 

The displacement C/D ratios should be calculated for restrained and unrestrained 
expansion joints and for bearings when movement can occur due to the absence 
of restraint in a horizontal direction. The displacement C/D ratio is the lesser 
of the values calculated using the following two methods, except in the case 
where displacement limiting devices, such as restrainers, are provided, in which 
case only Method 2 needs to be used. 
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Method 1: 


r bd 

where 


N(c) 

N(d) 


( 86 ) 


N(c) - The support length provided. This length is 
measured normal to the expansion joint. 

N(d) = The minimum support length as defined in 
section 7.4.2 or 7.6.8. 


Method 2: 


r bd 


where 


A r (c) - Ai(d) 
Aeq (d) 


(87) 


A s (c) The allowable movement of the expansion joint or bearing. For 
structures in SPC D, unreinforced cover concrete should be 
excluded when determining the allowable movement. 

A,(d) = The maximum possible movement resulting from temperature 
shrinkage, and creep shortening, if field measurements have 
been made of a bridge in existence for some time, only the 
temperature effects need to be considered. 

A e q(d) = The maximum relative displacement due to earthquake loading. 


As an example, consider a simply supported bridge with 120-ft 
and 30-ft column heights. The minimum support length N(d) 
Performance Category B, from equation 31A, is: 


span 

for 


lengths 

Seismic 


N(d) = 8 + 0.02L + 0.08H 
= 12.8 inches 


( 88 ) 


and for Seismic Performance Category C and D. from equation 34A. it is 


N(d) = 12 + 0.03L + 0.12H 
= 19.2 inches 


(89) 


Thus, if a 6-inch support length is available, 
displacement capacity/demand ratio is: 


then using method 1, the 


r bd = 

0.47 

for 

SPC 

B, 

and 

r bd = 

0.31 

for 

SPC 

C 

and D. 


(90) 


This implies that 
be resisted with 
respectively. 


only 47 percent and 31 percent of the design earthquake can 
the available support length for SPC B and SPC C and D 
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9.4.IB Force Capacity/Demand Ratio 


The force C/D ratio for bearings and expansion joint restrainers are evaluated 
as follows: 


r bf 


Ml 

V b (d) 


(91) 


where 


V b (c) = Nominal ultimate capacity of the component in the direction under 
consideration. 


V b (d) = Seismic force acting on the component. This force is the elastic 
force determined from an analysis multiplied by 1.25. The 
minimum bearing force demand of 0.20 DL is used when an 
analysis is not performed, or when it exceeds the force demand 
obtained from an analysis. 


Elastic bearing forces obtained from a conventional analysis are likely to 
be lower than those actually experienced by bearings during an earthquake. 
This is because bearings, which are nonductile components, often do not 
resist loads in a uniform manner. This has been demonstrated in past 
earthquakes by the failure of anchor bolts or keeper bars on some, but 
not all, of the bearings on the same support. In addition, the yielding of 
ductile members, such as columns, can transfer additional loads to the 
bearings. For these reasons, it is necessary to increase the elastic forces 
by a response modification factor, which is less than 1.0. when evaluating 
the force demand on nonductile motion-restraining components. 

The force capacity of bearings must be carefully calculated. Anchor bolts 
are often subjected to combined bending and shear or high stresses at 
the threads. Spalling of edge concrete at anchor bolts is also possible. 
In addition, bearings may not correspond to those shown on the as built 
plans or maintenance records. 

9.4.2 Capacity/Demand Ratios for Reinforced Concrete Columns, Piers, 
and Footings 

It is common for bridge columns to yield during strong seismic shaking. This is 
expected and provided for in the design of new structures. Existing columns however, 
may not be capable of withstanding the same degree of yielding as a column designed 
to a modern code. Failure may also occur prior to yielding in those columns designed 
to a pre-1971 standard. The interaction of the columns and piers with their footings 
will determine the probable mode of failure for these components. The first step in 
their evaluation is to determine if and where plastic hinging will occur. Usually, plastic 
hinges are found in the end regions of columns or in the footings, but an effect similar 
to a plastic hinge may also develop due to yielding of the soil or piles. Wall piers 
can also develop plastic hinges in end regions, but about the weak axis only. The 
location of plastic hinging will dictate the modes of failure that should be investigated. 

Column failures that result in a sudden loss of flexural or shear strength have the 
potential for causing collapse. The force levels at which these local failures occur 
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wil! be reflected in the capacity/demand ratios for the various column failure modes. 

ach of these modes must be assessed in terms of its effect on the global stability 
of the structure. 1 

Four modes of failure should be considered when evaluating columns. These are: 

• Shear failure in the column. 

• Anchorage failure in the main longitudinal reinforcement of reinforced 
concrete columns. 

• Flexural failure in reinforced concrete columns due to inadequate 
transverse confinement (including bucking failures)* 

• Failure of the splices in main longitudinal reinforcement of reinforced 
concrete columns. 

Once potential plastic hinges have been located, it is necessary to investigate the 
potential modes of column and/or footing failure associated with the location and type 
of plastic hinging. A ductility indicator is used to account for the ability of the columns 
and/or footings to resist certain modes of failure controlled by the amount of yieldinq. 
The ultimate moment capacity/elastic moment demand ratios are multiplied by ductility 
indicators to enable elastic analysis results to be used for determining the seismic 
C/D ratios of components subject to yielding. 

The following procedure should be used to determine the C/D ratio for columns, piers, 
and footings as illustrated in the flow chart in figure 88. This procedure includes 
a systematic method for locating plastic hinges and evaluating the capacity of the 
columns and/or footing to withstand this plastic hinging. The procedure is more complex 
for reinforced concrete columns than for steel columns. For steel columns only steps 
1, 2, 3 and 6 are required. Sections 4.8.1 through 4.8.5 of the Retrofit Guidelines 
[reference 5] describe detailed procedures for investigating different reinforced concrete 
column and/or footing failure modes associated with plastic hinging. A worked example 
illustrating these procedures is also given in reference 5. 

Step 1: Determine the elastic moment demands at both ends of the column 
or pier for the specified load cases. Moment demands for both the columns and footings 
should be determined. The elastic moment demand should be taken as the sum of 
the absolute values of the earthquake and dead load moments. 

Step 2: Calculate nominal ultimate moment capacities for both the column and 
he footings at axial loads equal to the dead load plus, or minus, the seismic axial 
load resulting from plastic hinging in the columns, piers, or footings. The procedure 
for calculating this axial load level is discussed in section 7.6.2. 

Step 3: Calculate the set of moment C/D ratios (nominal ultimate moment 
capacity/elastic moment demand), r ec and r ef , for each combination of capacity and 
demand, assuming, first, that the column will yield and the footing will remain elastic: 
and, second, that the footing will yield and the column will remain elastic. 

Step 4: For reinforced concrete columns, calculate the C/D ratios for the 
anchorage of longitudinal reinforcement, splices in the longitudinal reinforcement, and/or 
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CALCULATE ULTIMATE 
MOMENT CAPACITY/ 
ELASTIC MOMENT 
DEMAND RATIOS 


t 


DETERMINE PLASTIC 
HINGING CASE AT 
COLUMN BASE 


£ZI 

CASE I 

(NO HINGING) 
CALCULATE C/D 
RATIOS FOR: 

• ANCHORAGE 

• SPLICES 


I 



¥ 

CASE II 


CASE III 



(HINGING IN 


(HINGING IN 



FOOTING ONLY) 


COLUMN ONLY) 



CALCULATE C/D 


CALCULATE CO 



RATIOS FOR: 


RATIOS FOR: 



. ANCHORAGE 


• ANCHORAGE 



• SPLICES 


• SPLICES 



. FOOTING 


. CONFINEMENT 

— 



CASE IV 

(HINGING IN COLUMN 
AND/OR FOOTING) 
CALCULATE C/D 
RATIOS FOR: 

■ ANCHORAGE 

• SPLICES 

• CONFINEMENT 
. FOOTING 



CALCULATE C/D 
RATIOS FOR: 

• ANCHORAGE 

• SPLICES 


CACULATE C/D 
RATIOS FOR: 

• ANCHORAGE 

• SPLICES 

• CONFINEMENT 


__-—I --—r 

* * - ^ 

CALCULATE C/D RATIO 

FOR COLUMN SHEAR 


Figure 88: Procedures for Determining Capacity/Demand 
Ratios for Columns. Piers and Footings 

(from Reference 5) _ 
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investigated baseifon Z lo^^T^eTZlTo Z»T°* Be 

nei rr r ,l„rno r T 

of their ability to withstand plastic hinging. |„ this case Oh?y Se Solemn C/S 
reinforceSnenS^shotiSd "* Sp "° eS in lon0l,u<)l " al 

exceeds a r S e 8 ( by 2^SSrc ^ Im. l ^^S^^e a Sootlhg a wSll ^ “ q uSIS h an maltaUon “for te 
abd.ty to rotate and/or yield unless an anchorage or splice Allure Zm occur 
and prevent footing rotation. Anchorage or splice failures may be assumed 

splfces e 'fo e |o™ftudi / na| ratl °f ,0r anCh0ra8e of lon 9*tudlnal reinforcement or for 
splices in longitudinal reinforcement is less than 80 percent of r of When 

should "be oalcma,ed° nly "" ^ ^ fcr r ° ,a,i °" ^ - •» ^g 

exceeds^ 6 bv '"t ,6SS °’ 8 and r « f either e *ceeds 0.8 or 

SSL 6 ? y , percent 11 ma v be assumed that only the column will yield 
suff ciently to require an evaluation of its ability to withstand plastic hinoino 
n this case the column C/D ratios should be calculated for anchorane of 

.LCeteconnnlZT'"' ,on 9‘ tMI ™' reinforcement. and column 

IV: 

potential to yield sufficiently to require further evaluation Since vieldino of thP 
footings will be prevented by a column failure prior So column Cd® clmn 

^inf/ 31 ' 05 ? r ( f nch0ra 9 e of 'ongitudinal reinforcement, splices of longitudinal 
reinforcement should be calculated first. When all of these C/D ratios 9 exceed 
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Step 5: For reinforced concrete columns, calculate the column r/n t nr 
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ratio for column transverse confinement should also be calculated. 
Step 6: Calculate the column C/D ratios for column shear. 

reinforSLrTr.. “dln^^ 

capacity (rp V ), column confinement reinforcement (r cc ), and rotation and/or vieldino 
o he footing (r fr ) are dependent on the amount of flexural yielding in the Column 
or footing, in columns with poorly detailed transverse reinforcement one of the mo« 

k fnu co " sequences of flexural yielding is the spalling of cover concrete Such sDallino 
is followed by a rapid degradation in the effectiveness of theTranXrse steel^rh 
can lead to column failure. The procedure for calculating C/D ratios for coTu™ 
confinement reinforcement is based on the assumption that spalling will begin at a 
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ductility indicator of 2. The effectiveness of poorly detailed transverse reinforcement 
is assumed to begin to degrade at the onset of spalling. This type of transverse 
reinforcement is considered totally ineffective beyond a ductility indicator of 5. A more 
detailed description of the various modes of failure in reinforced concrete columns 
follows. 

9.4.2A Shear Failure 

Shear failures in reinforced concrete columns occur suddenly and can result in the 
rapid disintegration of the column. This happened to several bridges during the San 
Fernando earthquake (see figures 27, 28, and 29). Flexural yielding of the column 
has the effect of limiting the shear force, but it also results in a degradation of shear 
capacity. The guidelines provide techniques for determining the level of yielding at 
which the danger of a shear failure is large. The level of yielding is represented 
by a ductility indicator which is applied to the flexural capacity. The capacity/demand 
ratio for column shear is then determined by comparing the modified flexural capacity 
with the elastic flexural demand. 

If the initial shear capacity is less than the ultimate shear force resulting from flexural 
yielding of the column, then the seismic capacity/demand ratio will be calculated as 
the ratio of the initial shear capacity to the elastic shear force caused by the design 
earthquake. If the final shear capacity is greater than the ultimate shear force resulting 
from flexural yielding of the column, then shear need not be considered a critical 
mode of failure. When yielding occurs in the footing, column shear capacity will not 
deteriorate, and shear failure may occur only if the ultimate shear force exceeds the 
initial shear capacity. 

9.4.2B Anchorage Failure 

A sudden loss of flexural strength in reinforced concrete columns can result from an 
anchorage failure of the main reinforcement. This type of failure occurred at the Route 
210/5 Separation and Overhead during the 1971 San Fernando Earthquake (see figures 
30 and 31). When cracking occurs in the concrete where reinforcing steel is anchored, 
bond capacity is lost, and this type of failure is more likely. The procedures for 
calculating capacity/demand ratios for longitudinal steel anchorage take this into 
consideration. 

9.4.2C Flexural Failure 

Sufficient transverse confining reinforcement in reinforced concrete columns is necessary 
to prevent strength degradation in flexure. In most existing columns the transverse 
reinforcement is not capable of preventing flexural degradation at the levels of yielding 
assumed in the design of new columns. Therefore, a method for determining the 
reduced levels of yielding at which existing columns will fail is proposed in the Retrofit 
Guidelines. This is also done through the determination of a ductility indicator that 
is applied to the ultimate flexural capacity of the column. This modified flexural capacity 
is divided by the elastic moment in the column to obtain the capacity/demand ratio. 


The practice of splicing reinforcing bars at the bottom of the column was common 
in the past and may result in a high potential for failure during an earthquake. Flexural 
yielding of the column is likely to occur at this location, which will greatly reduce 
the capacity of the splices. The Guidelines consider this type of failure by limiting 
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the amount of allowable yielding that can take place at a location where splices occur. 
The capacity/demand ratio for the footing in flexure is calculated when yielding occurs 

VZXXZ a Tr ble r° Un ' ,,exural y,eW,n » *■»«< on thTmode o, 

dy a duc, " ,,y indica,or ,na ‘ is app,ied 

9.4.3 Capacity/Demand Ratios for Abutments 

Failure of abutments during an earthquake usually involves tilting or shifting of the 
abutment, either due to inertia forces transmitted from the bridge superstructure or 

n coMfn^pT' C | 6arth pressures> Usua,, y these ^Pes of failures alone do not result 
n collapse or impairment of the ability of the structure to carry emergency traffic 

oad.ngs. However, these failures often result In loss of access, which can be* critical 
in certain important structures. 

i-arge horizontal movement at the abutments is often the cause of large approach fill 

K 30 £ reVent aCC6SS t0 the brid9e - Therefore w hen required abutment 
C/D ratios are based on the horizontal abutment displacement. The displacement 

demand d(d). will be the elastic displacement at the abutments obtained by properlv 
modeling the abutment stiffness. The displacement capacity, d(c). is taken as three 

ZTJnJ direCt ' 0n 3nd SiX inCh6S in the 'ongitudinal direction unless 

determined otherwise by a more detailed evaluation. Therefore: 


r - !<£) 

ad dfd) 


(92) 


9.4.4 Capacity/Demand Ratios for Liquefaction 

To determine the C/D ratio for liquefaction failure, r sl . a two-stage procedure is 
necessary. First the depth and extent of soil liquefaction required for foundation failure 

o7 tL b ^ a f SeSSed - . Secon . d| y' the level of seismic shaking that will produce liquefaction 
of the soils must be evaluated. The C/D ratio is obtained by dividing the effective 

peak ground acceleration at which liquefaction failure is likely to occur by the design 
acceleration coefficient: y resign 


r s | = 

sl A L (d) 


(93) 


where 


A|_(c) - The effective peak ground acceleration at which 
liquefaction failures are likely to occur. 

A L (d) = A = Design acceleration coefficient for the bridge site. 

Aithough a great deal of work has been done with respect to determining earthquake 
induced liquefaction potential of soils, the parameter A L (c) will require considerable 
engineering judgment. The amount of movement at a given site due to soil liquefaction 
is a function of the intensity and duration of shaking, the extent of liquefaction, and 
aso the relative density of the soil, which controls post-liquefaction undrained or residual 
strength, in addition, different bridges will be able to sustain different amounts of 
movement. Therefore, when determining A L (c). both the site and the bridge 
characteristics must be taken into consideration. 
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Methods for assessing the liquefaction potential of site soils are provided in the AASHTO 
Guide Specifications [reference 4]. Two basic approaches are typically used, namely 
empirical methods based on blow count correlations for sites which have not liquefied, 
and analytical techniques based on the laboratory determination of liquefaction strengths 
and dynamic site response analyses. A rough indication of the potential for liquefaction 
may be obtained by making use of empirical correlations between earthquake magnitude 
and epicenter distance as described in reference 4. 

Finally, it is recommended that geotechnical specialists participate in the determination 
of A^tc) at a specific bridge site and assist in the evaluation of the subsequent 
foundation displacement and damage potential. 

9.5 SEISMIC RETROFITTING CONCEPTS 

Seismic retrofitting concepts are designed to prevent collapse and/or severe structural 
damage of the bridge due to the following modes of failure: 

1. Loss of support at the bearings which will result in a partial or 
total collapse of the bridge. 

2. Excessive strength degradation of the supporting components. 

3. Abutment and foundation failures resulting in loss of accessibility 
to the bridge. 

Once a concept has been selected, it must be evaluated to ensure that it does not 
transfer excessive force to other less-easily inspected and repaired components. 

Bridges in Seismic Performance Category B will usually only require consideration of 
measures for the retrofit of the bearings and expansion joints. In Seismic Performance 
Category C, columns, piers and footings should also be considered. Only in Seismic 
Performance Category D should the retrofit of ail components be considered. 

Once it has been decided to retrofit a component, it is recommended that the 
component retrofit be designed to the standards for new construction, wherever possible. 
Reduced standards may be used when the use of full design standards is not practical 
or economically feasible and partial strengthening significantly reduces the risk of 
unacceptable damage. The following sections provide an overview of some of the retrofit 
concepts that have either been used or proposed for use. Special design requirements 
are also presented where necessary. 

9.5.1 Bearing and Expansion Joints 

Several bridges have failed during past earthquakes due to a loss of support at the 
bearings. These failures are sometimes spectacular, but are also relatively simple 
and inexpensive to prevent. Because of this, most retrofitting efforts in the United 
States to date, have been directed towards tying the bridge together at bearings and 
expansion joints. Several retrofitting methods have been used extensively, while newer 
methods such as seismic isolation, have only recently been tried. The methods to 
be considered for bearing and expansion joints are. 
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• Longitudinal Joint Restrainers. 

• Transverse Bearing Restrainers. 

• Vertical Motion Restrainers. 

• Bearing Seat Extensions. 

• Replacement of Bearings. 

• Special Earthquake Resistant Bearings and Devices. 
9.5.1 A Longitudinal Joint Restrainers 


Longitudinal joint restrainers are used extensively by the California Department of 
Transportation. The primary function of these devices Is to limit relatfve disc acemeni 
at joints and thus decrease the chances for a ioss of support aHe^SS! 

However, if connected to the bent caps, these restrainers may impose higher force 
Messed. C ° IUmnS ° therWise ex P ected and this possibility should be carefully 


Restrainers are designed to resist forces in the elastic range. Careful attention must 
be given to the methods used to attach restrainers to the superstructure so that existina 

fo°rTT DrLrtinn 001 ^ t dama9ed durin 9 an earthquake. Provision must also be made 
for the protection against corrosion, especially for those that cannot be easily inspected 

e.g. restrainers which pass through holes cored in existing structural members: 

L he thI eSt t rain ? r f ° rC u C8paCity and stiffness wiM generally be determined from an analysis 
of the structure. However, results from an analysis should always be carefully examined 

and mterpreteel with engineering judgement in light of the several assumptions usually 
made in a dynamic analysis. When higher forces seem appropriate, they should be 
used for design. In no case should the restrainer force capacity belesV than thal 
required to resist an equivalent horizontal static load of .35 times the dead load of 
the superstructure. When two superstructure segments are tied together, the minimum 
restrainer capacity should be the maximum of the two capacities obtained by considering 

B aC a n S ^^ ln f ePen , < ’ en,IV ' F ° r ' re9u ' ar ' 6rld9es in Perfo“anceTaCS 

. n analysis is not necessary, and the minimum restrainer force capacity may 9 be 
used as the restrainer design force. As described in section 7.6.5A. tMs nSum 

inmt' S f y l he pr ° dUCt ° f the Acceleratio " Coefficient and the weight of the 

TZJL T adj0,nm9 s P ans or P arts of the bndge. Restrainers should be capable 
of develo p ing the design force before the bearings become unseated. A minimum of 

movement of C thP^m'nf 5 2®" T* Wi " Pr ° Vide f ° r redundanc y and minimize eccentric 
1— J • adequate g a P should be provided to allow for normal 

movement at expansion joints. For joints located at piers, restrainers should provide 
a du-ect and positive tie between the superstructure and the pier, unless pier caps 

^LnL t e H en0U9h t0 Pr6vent 3 ,0SS of su PP° rt at the enP of the span and the 

m ° Vement 0f the superstructure will not cause excessive damage 

Connections of the restrainer to the superstructure or substructure should be capable 
of resisting 125 percent of the ultimate restrainer capacity. In addition, the existing 
structural elements subject to brittle failure should also be capable of resisting 125 
percent of .fie ultimate restrain*. capacity. Both retainer connectlone and exlstlne 
structural elements should be capable of resisting the eccentricities caused by variations 
,n the rostra,ner forces of at leas. 10 percent of the nominal ultimate restrainer capac% 
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Longitudinal restrainers should be oriented along the principal direction of expected 
movement. If piers are rigid in the transverse direction, as shown in figure 89, the 
movement of the superstructure will be along the longitudinal axis of the bridge, and 
the restrainers should be placed accordingly. However, in a skewed bridge with 
transversely flexible supports, superstructure rotation can occur. In this case, restrainers 
will be more effective if placed normal to the expansion joint as shown in figure 90. 

If damage to the restrainers due to shearing action is a possibility in a predominantly 
longitudinal event, then transverse shear keys might also be necessary. In this event, 
the restrainers can be parallel with the bridge centerline as in figure 89. 

When an expansion joint exists at a pier, restrainers at the expansion joint should 
provide a positive tie to the pier, as shown in figure 91. This detail will require that 
each restrainer resist the inertia forces of both spans. Depending on the configuration 
of the restrainers at adjacent expansion joints it is possible that the inertia forces 
of other spans should also be included. Note that in figure 91 the restrainers are 
connected to the bottom flange. This wilt prevent the possibility of tearing the web 
but it will also reduce vertical clearance under the bridge. 

In some cases it may be appropriate to forego the positive tie to the pier. Adjacent 
spans may then be tied, as shown in figure 92. This should be considered only when 
the cumulative openings of expansion joints is small enough to prevent the spans from 
becoming unseated, when positive ties could excessively overload the pier and/or when 
one of the spans has an adequate existing connection to the pier. Although this retrofit 
technique is unlikely to prevent rocker bearings from toppling, collapse of the span 
will be prevented by the pier cap, if It has sufficient width. Minor emergency repairs 
could quickly restore the usefulness of the bridge. 

Steel cables and bars acting in direct tension have been the most frequently used 
method for restraining expansion joints against excessive movements. These devices 
do not dissipate any significant amount of energy because they are generally designed 
to remain elastic. Cable and bar restrainers may permit the ends of girders to be 
damaged, but the damage will usually be repairable and not extensive enough to allow 

the spans to lose support. Although cables and bars do not meet all the criteria 

of an ideal restrainer, they are relatively simple to install. 

The California Department of Transportation has been retrofitting bridges with longitudinal 
expansion joint restrainers since the San Fernando earthquake of 1971. They have used 
two types of restrainer materials. The first type is 3/4-inch diameter galvanized steel 
wire rope (6 strands with 19 wires per strand) identical to the material commonly used 
to anchor the ends of barrier railings. The second type of material is 1-1/4“ diameter, 

high strength steel bars. These bars are also galvanized and conform to ASTM A- 

722 standards. In addition, these bars are required to provide elongation of at least 
7 percent in 10 bar diameters before fracture. 

Caltrans has no established rule as to when wire rope or bars are preferred. Since 
restrainers are designed to perform elastically, the extra ductility of the 1-1/4 inch 
bars is not considered to be a particular advantage. An important consideration is 
the amount of movement allowed at the expansion joint. Elastic stretching should be 
limited because excessive movement can result in a loss of support at narrow bearing 
seats. On the other hand, an overly stiff restrainer, although more effective in limiting 
movement, will attract higher forces, in California, the results of multimodal spectral 
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DECK OR SOFFIT BUT NEED NOT BE BOTH 


Figure 93: Longitudinal Joint Restrainer for Concrete Box Girder 

(from Reference 5) 



Figure 94: Expansion Joint Retrofit Detail for Concrete T Beam 

(from Reference 5) 
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The^rufmber Td T 0 ' ^ c0 ' nl>lna,l °" 01 ^ner stiffness and strength. 

The number and length of wire ropes or bars are then selected on this basis. 

Wire ropes often have an economic advantage, since shorter lengths are required to 

to" 3 9 ' V6 h t amount of moveme nt. in addition, wire ropes are flexible a^d more 
ble to accomodate transverse and vertical movements. If bars are used transverse 
and verhcal restrainers may be required to prevent a shear fahure fn the bars 

bo 9 x' Jr nirder Sh °F , I. S h» a me ' h ° d retro,i “ n 0 an intermediate expansion joint in a concrete 

box girder. Either wire rope or rigid steel bars may be used to prevent seoaratinn 

of the joints. Concrete bolsters are sometimes necessary to strengthen the diaphrams 
to accomodate the force transmitted from the restrainers. P 

In open web concrete bridges such as ”T" beams, the lack of support at the bottom 

94 96 This d e pta-| aphram r y make U necessary t0 locate ^strainers as shown in figure 
94. This detail is usually restricted to situations where the restrainer force requirements 

srbst r rtt;re y an°d W -thp When j0im is '° Cated at 3 *"*• a Positive 

substructure and the superstructure is preferred to this detail unless the bridae is 

relatively short and ben, caps are wide enough ,o prevent ioss o, end support 

An alternate method for restraining joints when the diaphragm is weak, is to attach 
restrained to the sides of the girders or to the underside of the deck. In thl case 

t0 L 0Cate restrainer anchors a sufficient distance from the joint to prevent 

damage to the ends of the span. A detail in which restrainers are anchored to The 

festra.^rr this wa r y 6 ^ A ^ ^ t0 the *"* may be diffiCU,t when a "C^ing 


Certain special situations permit so’^e variation j n the use of restrainer details. 
For example, figure 96 shows continuous wire ropes used to restrain a suspended 
span. Large restrainer lengths often make it necessary to increase the number of 
restrainers to limit the relative movement at the joints. Therefore, although 
anchorage costs are reduced with this detail it may not be economical due to the 
excessive length required of each restrainer. 


Other devices, such as bumper brackets bolted to girder flanges 
abutments, or bent caps to restrict movement, should also be 


and designed to impact 
considered. 


9.5.IB Transverse Bearing Restrainers 


Ilidinn Off thP hfT T " ecessary = In many cases, to keep the superstructure from 

opS ° ff tbe bear,n 9s. Conditions that are particularly vulnerable include high concrete 
pedestals, which serve as searing seats for individual girders; bearing seats which are 
narto." and highly stewed, and in two girder bridges which the transverseUs ance 
between the bearing and the edge of the seat is smalt. 

The forces used to design transverse restrainers are generally determined from an 
analysts. Transverse restrainer forces obtained from the elastic design spectra should 
be increased by a factor of 1.25 to account for transfer of load due to cofumn vising 
T^e minimum transverse restrainer design capacity should be not less than that required 
iu resssi an equivalent horizontal static load of 0.35 times the superstructure dead load 
or single span bridges or “regular" bridges in Seismic Performance Category B, 
an analysis is not necessary and the minimum transverse design force may be used! 
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5_ Restrainers 


-<L Restrainers 
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SECTION A-A 


COUNTERSINK BOLT HEADS 
INTO DECK-HOLES DRILLED 


THROUGH DECK 


ANCHORAGE IN DECK 


RESTRAINER 


CABLE 



Figure 95: Expansion Joint Restrainers Tied to the Concrete Deck 

(from Reference 5) 



Figure 96: Restrainer Retrofit of a Suspended Span 
(from Reference 5) 
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One method that has been used to provide transverse restraint in concrete structures 
employs a double, extra strong, steel pipe filled with concrete that passes through 
the joint. This concept is shown in figure 97. The design is governed by bearing 
of the pipe against the walls of the cored hole. The full concrete compressive strength 
may be assumed in well-reinforced expansion joint diaphragms. Care should be taken 

not to use the full strength at acute corners in highly skewed joints because they 
can be very fragile. 1 


Other devices, such as doweled concrete blocks, brackets bolted to supports, and 
transverse cables* can be used to solve unusual problems. 

9.5.1C Vertical Motion Restrainers 


The need for vertical motion restrainers will seldom be demonstrated by an analysis 
since vertical motions are not considered explicitly in the analysis requirements. 
However, experience has shown that vertical movement can take place at the bearings. 
This can lead to the displacement of bearings and possibly increase the chances 
of a loss of support failure. The Guidelines [reference 5] recommend that vertical 
restrainers be installed whenever longitudinal restrainers are considered as a retrofit 
measure and whenever the seismic uplift force obtained from an analysis of longitudinal 
motion exceeds fifty percent of the dead load reaction. 

Vertical restrainers can be provided at a very low unit cost if they are installed at 

the same time as the longitudinal restrainers. A typical hold down detail is shown in 
figure 98. 


9.5.ID Bearing Seat Extension 

Bearing seat extensions may be a feasible retrofit measure in certain situations. 
Extensions allow larger relative displacements to occur at the joints before support 
is lost and the span collapses. Since high forces may be imposed on these extensions, 
it is recommended that, wherever feasible, they be supported directly on a foundation 
structure (such as at an abutment - figure 99). A bearing seat extension anchored 
with dowels or anchor bolts to a vertical face of an existing concrete support is not 
recommended, but if direct support on a foundation is impractical, post-tensioning of 
the extension should be considered. 


The design forces for bearing seat extensions must be high to represent the large 
forces a bearing seat will be subjected to when the bearings become unseated Two 
loading conditions are recommended. The first requires the extension to be designed 
to resist twice the vertical dead load reaction plus the maximum live load reaction. 
This is intended to account for the large impact forces that can result when the 
superstructure drops from the bearings onto the seat. The second requires the extension 
to be designed to resist a vertical load equal to the dead load reaction in conjunction 
with a horizontal load equal to the dead load reaction times either the acceleration 
coefficient or the friction coefficient between the two surfaces, whichever is the larger. 
This accounts for both the horizontal and vertical loads that can develop when the 
superstructure is resting on the bearing seat extension and still subjected to earthquake 
ground motions. Bottom surfaces of structures shall be modified to eliminate offsets 
due to bearing plates and the like, to avoid horizontal impacts against built-up seats. 
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EXPANSION JOINT 



Figure 97: Transverse Restrainer Retrofit for Concrete Bridge 

(from Reference 5) 



Figure 98: Vertical Motion Restrainer Retrofit 
(from Reference 5) 
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NEW BOLT- DRILLED AND GROUTED 
INTO EXISTING CONCRETE 


ELASTOMERIC BEARING PAD 
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All bearing seat extensions should provide a final minimum seat width equal to or 
greater than the minimum specified value given in section 7.4.2 and 7.6.8. 


9.5.1 E Replacement of Bearings 

Bearings which are damaged or malfunctioning can fail during an earthquake. In 
addition, certain types of bearings, such as steel rocker and roller bearings shown 
in figure TOO, have performed poorly during past earthquakes. A possible retrofit 
measure in these cases is the replacement of the bearings with modern bearing types 
such as elastomeric pads or more sophisticated energy dissipating devices which, in 
conjunction with adequately designed restrainers, are more effective in resisting seismic 
loads. 

Caltrans has used several methods of bearing replacement. In one method, high rocker 
bearings are replaced by a prefabricated steel bearing assembly and elastomeric bearing 
pads. The steel bearing assembly was necessary to maintain the proper elevation 
of the superstructure and to provide for the rotational and translational movement at 
the bearing. The details for this retrofit scheme are shown in figure 101. 

Another possible solution to replacing steel rocker bearings Is shown in figure 102. 
In this case a concrete cap is used to build up the elevation difference between 
a replacement elastomeric bearing and the original steel rocker bearing. With this 
method of replacement, the concrete cap can be constructed at a higher elevation 
between girders to provide a transverse shear key. In addition, vertical motion 
restrainers may be anchored in the new concrete cap. 

At fixed bearings it may be appropriate to completely embed existing rocker bearing 
pedestals in concrete as shown in figure 103. This will prevent shear failure and 
toppling of the bearings. In addition, if spans were to become displaced from the 
bearings, the concrete cap would prevent collapse. Again the concrete cap can double 
as a shear key and anchorage for vertical motion restrainers. 

Another recent application has been the replacement of existing bearings with more 
sophisticated energy dissipating devices. In addition to replacing vulnerable bearings, 
these dissipators also limit the seismic forces transmitted to the substructures. This 
is the basis of seismic isolation, and the concept is explained further in sections 4.7, 
9.5.IF and 9.5.2. 

9.5.1 F Special Earthquake Resistant Bearings and Devices 

Certain types of bearings have special performance characteristics which will alter the 
dynamic response of a bridge. As a consequence, superstructure forces can be reduced 
by factors of 5 to 10 and there are corresponding reductions in the forces transferred 
to the piers and abutments. Thus in addition to providing an acceptable replacement 
device for vulnerable bearings, they also provide a retrofit measure for understrength 
substructures, as discussed in section 9.5.2. Furthermore, selection of elastomeric 
bearings of different height and shear stiffness can be used to control the distribution 
of lateral load as discussed previously in section 5.1.4. 

More rigorous analysis procedures should be used when bearings and devices of this 
kind are used. This is particularly important if they use nonlinear characteristics to 
achieve the desired force reductions. If a nonlinear time-history analysis is performed. 
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* '®® !st h thre e 9 r °und motion time histories should be used. These ground motions 
should have different frequency content and duration of maximum shaking. They should 
also reflect the variations in ground motions expected at the bridqe site if design 

thev 7 deve,0ped may be used in lieu of a nonlinear analysis, provided 

criteria & d ^ 3 SeneS ° f nonhnear ana| y ses consistent with the above-stated 


Hhn,Hrt tl0 h t0 perf °' Tnin9 under normal serv 'ce conditions, an earthquake resistant bearing 
should be capable of resisting seismically induced forces restricting relative 

ore-earthatiTkp "nrfr tbe br J d9e ' dia sipating energy, and returning the structure to its 

n "" Sy H te ? haVinQ th6Se ca P abi,ities has da en discussed 

in section 4.7 and might be composed of the components shown in figure 104 Vertical 

support would be provided by a flexible bearing and/or sliding support isolator in 

the case of a flexible bearing, a fuse would be used to prevent movement under service 

rani? rnn' T"' 01 b ® 6XpeCted t0 fail or V ield during a <arge earthquake. During 
rapid movement, energy would be dissipated by some form of damper, and excessive 
relative displacements would be prevented by a restrainer with a gap to allow limited 

fnrr? C t? m h n | tS ' t ™ low,n9 an earth P“ake. the flexible support would 9 provide a restoring 
force to bring the structure back to its pre-earthquake position. 9 

A considerable amount of interest currently exists in the improvement of bearing systems 
to provide greater earthquake resistance. In New Zealand. Italy. Japan and, more recently 
the United States, many innovative ideas have been implemented 9 in this field. These’ 

LnrV he pnncip ' es of restraint - isolation, and energy dissipation to modify structural 
during earthquakes. In each case these bearing systems also provide for 
.he normal .undone o. bridge bearings. A few examples'aredlscLed below 

New Zealand has constructed 37 bridges using special energy-dissipating devices 
Some of the early devices are shown in figure 105. All of these device 9 relv on 

of e vie n |d no*' 0 Th e ? a dp° r 3nd bySteretic dam P* n 9 that will occur during reversed cycles 
of yielding. The devices shown are used to connect the bridge superstructure to the 
subsfucture and are usually installed in parallel with elastomeric bearing pads. At 
eve s of lateral load such as wind, the devices remain elastic and restrain 
movement at the bearings. During strong seismic shaking, the devices yield allowing 
bead ngs. When they yield, the load transmitted from the Superstructure 
to the substructure will be limited to the ultimate capacity of the devices. In addition 
energy will be dissipated during yielding which will dampen the seismic response' 

One refinement has been to combine the energy dissipator with the elastomeric bearing 
in one physical unit. To do this, a circular core is removed from an elastomeric bearina 
and the hole backfilled with lead, as shown in figure 106. During cvcllclhear 
deformations of the bearing, the lead core is forced to deform in shea? also Plashc 

ml r , h rr a,IO ; S ,ne lead dlsslpa,e significant amounts of energy and thereby 
limit the shear displacements in the bearing. This unit is popular in New Zealand 
and has now been used, or proposed for use, in 25 bridges. 

Because lead has a low rate of work hardening, it can sustain many cycles of imoosed 
de ormation due to thermal and creep movements without fracture. In addition its 
resistance to slowly applied deformation is less than half of that which win occu under 
rapid movement. This makes It possible to use me device as an expansion faring 

orea?L r ?n P alTnd m H 8mS ' T** ° CCUr dUrln ° a S,r0n ° earthquake. theVad will res°t 
greater loads and dissipate energy, m addition there will be a reduction in the total 
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2 2 . due . to « ner fl y dissipation. Bridge retrofit using lead-filled bearings 
as been undertaken in New Zealand, Italy and now in the United States. These bearings 
are patented in New Zealand, Japan, the United States and elsewhere. 9 

In Japan a somewhat similar philosophy for bridge bearings has been adopted The 
Japanese, however, use viscous rather than hysteretic damping to achieve this type 
of performance. Load transfer to the substructure occurs when a rigid post is forced 
through a pot of viscous material as shown in figure 107. Since thermal movements 
and creep occur very slowly, little resistance is offered and negligible loads are 
transferred under these conditions. However, during an earthquake the rapid movement 
of the post is resisted by the viscous material, and significant load is then transferred 
to the substructure. A combination bearing and shear damper has also been developed 
(figure 108) and used extensively. It is also a patented product. 

A viscous damping device is used on the new Dumbarton Bridge across the southern 
end of San Francisco Bay in California. This device, shown in figure 109, allows the 
expansion joint to open and close during normal temperature movement but limits the 
relative movement of the joint during an earthquake. 

Some oil damper systems are known to leak and all require regular maintenance and 
inspection. Because their reliability is low. a positive back up system such as an 
elastic restramer is recommended to prevent catastrophic failure. 

An expansion bearing design concept, developed and tested during a study for the 
Federal Highway Administration, employs an elastomeric bearing pad surfaced with a 
special material designed to slide during seismic loading. Under normal conditions 
the bearing will perform as a standard elastomeric bearing pad. At higher loads 
s iding will occur and limit the load transferred to the supports, protect the pad from 
being destroyed, and maintain the reliability of vertical support. This bearing concept 
shown in figure 110. has the disadvantage that it will be permanently offset after an 
earthquake. 


9.5.2 Columns. Piers and Footings 

There are a number of potential modes of failure for columns, piers and footings and 
in general, it is more difficult and less cost effective to retrofit these components than 

it is to upgrade the bearings. Very few column retrofit techniques have been used 

in practice and it appears that the only practical, cost-effective method currently available 

is the use of the force limiting devices and seismic isolation bearings discussed earlier. 

Force limiting devices and some of the other schemes that have been proposed are 
presented below. Concepts that have not been used are also presented primarily as 
a source of ideas. y 


9.5.2A Force Limiting Devices 

A force limiting device which uses the principles of seismic isolation (section 4.7) is 
the most practical and cost-effective method currently developed for column retrofit. 
These devices have been discussed in detail in section 9.5.IF and when used in 
conjunction with a bearing have the potential to reduce the real forces to which a 

C °hT ,s fleeted, by factors of 5 to 10. Thus the demand is significantly reduced 
and the C/D ratios are significantly improved. 
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dynamic 

displacements should be derived from an y «„,iL ca , t ® stin 9 - Design forces and 
consideration the actual performance characterLlcs°of thence* " hiCh ' akeS 

9.5.2B Increased Transverse Confinement 

oT P |oadmg C Sond m th n l 3 “'“T '° " i,hSta " d repaated <**• 

of flexural capacity The use o" ?he detail^T , C ° IUmn ,a " Ure due “ ^dallon 
reinforcement for new bridges In a retrofit sltuatinn 65 v" reqtJlr6men,s f °r transverse 
and will be of questionable effectiveness presenl consl ™ddon difficulties 

5* rr,„== 

«~=»«r rS 

^rser^ 

SToSTthe IT 0 coL a n°ne b r 8 n; e rf red 

l!n™ 0™“ apaa ^ n« ^Ic^t 

Sm°n r ba n r‘ StameSrsT 8 ^^'“Anch "o!\ "mam 

and ^hears^resul'dng* In^overstress 

additional retrofit measures should be considered. ' ' then 

pr e cp e os a id me ' h0dS °’ ,ncreasinp ,Pa transverse confinement of columns have been 

o°n n , e o ^puttee Mis show^^ flgum '~Z 7/*' 

provided by threadina the P nrt<t nf »h Q h, 'Sure ill. The prestress force is 

with a specially designed turnbuckle. also 7hwnT m 

'rr c °~r n TZ:r B : 

pneumatically applied concrete 6 W0Uld ba Pr0,eC,6d wl,h a la ^ r of 


240 










Another proposal to use quarter-inch prestressing wire wrapped under tension around 
the c 0l umn (. shown In figure 112. The wire end anchorages would also he protecteS 
wrannmn'T ° ‘ , " eumat ! oa "y a PP llad concrete. The practical difficulties associated Jim 
be 8 underestimated 0 " 9 P ' 8Ce prestresslna wlre around a bria 9 e column should not 

A solid-steel shell placed around an existing column, as shown in figure 113 has 
also been proposed. A small space would be left between the column and the shell 
diet would be grouted solid. The steel shell could be painted or I, could be construed 
of a weathering type of steel. 

Square columns pose additional problems. Aesthetics and clearances are other 
considerations which will dictate solutions. 

9.5.2C Reduced Flexural Reinforcement 

The ultimate shear force on a column can be reduced by decreasing the yield moment 
at one or both ends of the column. This retrofit method should only be considered 
when columns are over-reinforced for flexure and when there is little or no flexural 
yielding during an earthquake. The high-yield moments of an over-ceinforced column 
could produce shear forces above the capacity of the column resulting in a brittle 
shear mode of failure. By cutting longitudinal reinforcing bars (figure 114). an increased 
amount of yielding is accepted in exchange for a reduced shear force. The net result 
could be an improvement in the overall earthquake resistance of the structure. Despite 
its conceptual appeal, it is controversial because it does reduce the flexural strength 
of the column. It is recommended that cutting of column longitudinal reinforcement 

as a retrofit measure be used only when it is not possible to retrofit the column bv 
other means. y 

9.5.2D Increased Flexural Reinforcement 

The use of increased flexural reinforcement has also been proposed. This retrofit 
technique will increase the flexural capacity of the column. However, increased flexural 
capacity will increase the forces transferred to the foundation and the 
superstructure/column connections and will also result in an increased column shear 
force. In addition, the strengthened column will be stiffer and may be subjected to 
higher seismic forces. Since failure of the footings or failure of the columns in shear 
is usually more critical than excessive flexural yielding, this retrofit technique should 
be used with care and should only be considered when loss of flexural strenqth would 
result in a collapse mechanism. M 

Retrofit methods used by the Japanese to increase the flexural strength of reinforced 
concrete building columns are shown in figures 115, 116. and 117. 

9.5.2E Infill Shear Wall 

The transverse resistance of multi-column bents can be increased by constructing an 
infill concrete shear wall between individual columns in the bent. This technique has 
been used to repair earthquake damage to bridges in Japan and California, and requires 
that individual column footings be extended to support the shear wall. The shear wall 
is tied into the existing structure with grouted bars or anchors. 
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EXISTING CONCRETE COLUMN 
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9.5.2F Strengthening of Footings 


Cases u’ column f00t,n gs will fail before the column or pier yields Thi* <« 

Although minor soil and piling failures are undesirable, these are preferable to thP 
failure of the structural components of a footing Therefore in thP nilo of ♦ «° the 

ultimate capacity of the soil and/or pilings. ' th nom,nal 

A method for retrofitting footings to correct this deficiency is shown in fiaure hq 
A concrete cap of constant thickness is cast directly on tOD of the fnntinn r 

=£ “s? sz 

H~£ = "=v: ~; 


9.6 ABUTMENTS 

rr.: z rrr 1 ^ 

abutments on h, 0 h watts which are CTo TheblgT spans°are pT^Tpront 

Which ma, be an unacceptable tallu/e .or an Important bridge^In^pTto'n 
of restrainers to limit relative displacements at the abutment bearings may result in 

9.6.1 Settlement Slabs 

Settlement Tor approach) slabs are designed to provide continuity between the bridoe 

ahol he no rr? I" ln ,he case 01 ««>'“<» "" settlement SettlementTlabs 
should be positively tied to the abutment to prevent them from pulling awav and 

classified 9 as e spr‘n e ' til ‘ S recommended that ^ey be considered P only 9 for badges 
,1? S C “ D w,th a PP roach fins subject to excessive settlement due to either 
soil failure or excessive movement of the abutment. To minimize the discontinuity at 
the abutment following an earthquake, settlement slabs shouldTe designed as simnS 
span reinforced concrete slabs spanning their full length. Positive ties ?o the abutment 
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should be capable of resisting a design force equal to (coefficient of friction + 
Acceleration Coefficient) x slab dead load. 

It should be pointed out that this connection should be free to rotate so that moment 
will not be transferred to the abutment backwall when the approach fill settles. 

Figures 120 and 121 show two different types of settlement slabs that have been used 
in the past. In figure 121, the -frictional force due to the weight of the soil above 
the slab may help stabilize the abutment. However, this effect is not expected to be 
large and both configurations should perform in a similar manner. 

9.6.2 Soil Anchors 

Horizontal displacements at the abutment may cause a loss of accessibility to the bridge. 
Displacements of the abutment normal or parallel to the abutment face may be 
prevented or minimized by adding soil anchors. 

The ultimate capacity of soil anchors should be greater than or equal to the seismic 
forces transferred to the abutment from the superstrucure and/or the seismic earth 
pressures generated behind the abutment backwall due to the design earthquake. 

Soil anchors similar to those shown in figure 122, may be used as a retrofit measure. 
Because the backfill may be subject to movement during an earthquake, the anchors 
should extend into the backfill a sufficient distance so as not to be affected. 


9.7 LIQUEFACTION AND SOIL MOVEMENT 

Liquefaction and/or excessive movement have been the cause of a large number of 
bridge failures in some areas during past earthquakes. There are two suggested 
approaches to retrofitting that will mitigate these types of failure. The first approach 
is to eliminate or improve the soil conditions that tend to be responsible for seismic 
liquefaction. The second approach is to increase the ability of the structure to withstand 
large relative displacements similar to those caused by liquefaction or large soil 
movement. The first approach has been tried on dams, power plants, and other 
structures but to date has not been used as a retrofit measure for bridges. The second 
approach utilizes many of the retrofitting techniques in the previous sections. Both 
of these approaches are outlined in the following sections. Assessment of the potential 
for site liquefaction is discussed in references 4 and 6. 

9.7.1 Site Stabilization 

Although site stabilization would only be used in exceptional cases, several methods 
are available for stabilizing the soil at the site of the bridge. Some possible methods 
include: 


Lowering of groundwater table. 

Consolidation of soil by vibroflotation or sand compaction. 
Vertical network of drains. 

Placement of permeable overburden. 

Soil grouting or chemical injection. 
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S° m eo f these methods may not be suitable or environmentally acceptable and mav 
even be detrimental in certain cases unless provisions are made to minimize the effects 
of soil settlement during construction. Therefore, careful planning and design are 

^hn.?i!f a ho T P ‘ 0ym9 any of the above site-stabilization methods. Each method 

that thp b L nd ' V < ? Ua « des,9ned usin 9 established principles of soil mechanics to ensure 
bridge 9 " Ct ' Ve and that construction Procedures will not damage the existing 


The first method suggested is to lower the ground water table. This eliminates the 
presence of water, which is one of the three items required before liqueSon can 
°“ ur ' The possibility and expense of accomplishing this will depend on the site 

aithn n S h y ' S °T e ! VP ? ° f 9ravity draina 9 e would be preferred to mechanical methods 
although mechanical methods such as well points are not out of the question in a 
major structure of unusual importance. Drainage can cause settlement ofthe 
surrounding soil and the effect of this settlement on the existing bridge should be 
assessed before this method is used. y u 0 oe 

Densification of the soil can also be effective in reducing the potential for liquefaction, 
mce the process of liquefaction involves the compaction of loose soil, it follows 

nml P /* Conso ,dati0 " ca " ««*ce risk of liquefaction. However, consoiidation of 
only the surface layer can impede drainage and actually be detrimental Soil 
densification through the use of vibroflotation or sand compaction piles improves drainage 
if porous material is used and therefore is the preferred method. P?econsolidation 
can result in significant settlements, and care should be taken to protect the existina 
structure from damage. Often excessive settlements during construction will make soil 
densification an impractical retrofit method. 

A method which will improve drainage without disrupting the existing structure is to 

wat to « n s e ,an„ r V' 9raV61 dra i nS aS Sh0wn ln " sure 123 - ™ese drains 0 '^ * * 
water to escape during an earthquake and thus prevent the build-up of pore pressure 

which can reduce the shear strength of the soli Settlement will beMy duZ a™ 
reduced* 8 U ' 06 ' a ' eral movemen,s resullin 9 from shear strength loss will be greatly 


The use of a highly porous overburden or surcharge can also greatly reduce liquefaction 
potential with minimal disruption to the existing structure. The increased intergranular 
!®^ c ® s resu,t,n 9 from the overburden will necessitate higher pore pressures to offset 

Zra,l rC me a bui,d C r a J ,, “ e ' aC,IOn ' The Permea0lm * °< »» overburden will no 
aggravate the build up of pore pressure. In addition, the overburden will result in 

some preconsolidation which will reduce the chances of liquefaction. However the 
fhTsTpp^ach 81 WlM acCOfnpany this P r econsolidation should be considered when using 

The use of chemicals or grouts to increase the shear strength of soil is also a possible 

aggravate VtZTlf T^ ^ ^ reduce SOil ^^1." 

be 9 performed 6 b^ q^fie°d ZliZT" *" d C0 " StrUCti0 " Sh0uld 


9.7.2 


Increased Superstructure Continuity and Substructure Ductility 


Any method that will tend to prevent loss of support at the bearings will be useful 
i preventing structural collapse due to excessive soil movement. Therefore, most of 
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the methods for retrofitting bearings should be considered in a structure subjected 
to excessive soil movement, in addition, the ability of the substructure to absorb 
e ^ ent ' a movem e nts « important. The strengthening methods used will depend on 

S M*u*n ,0n , 0f th ® structure and components most susceptible to damage P These 
win usually involve methods for tying superstructure sections together and connechnq 
the superstructure to the bents. In some cases, column retrofitting shoufd be 

pSTno. bT»e?y 5 e«eo.l a e" IZe abU,me " ,S ' hr ° U9h 0,6 use °' anchors 

s «m to „, rtu „ a d r„ “ns 

pull the support out from under the bearings as shown in figure 124 It would be 

~ b,e , t0 , faM ? e C °' Umn in f,exure rather than to lose this support. Therefore 
f uparstructure should be anchored to the bent, and the design load in the anchors 
should be at least enough to fail the bent. Care should be taken to provide a suffXent 
gap m the restrained so that normal temperature movement or moderate earthquakes 

tit snugly 6 ^ cold leZT ^ ^ ^ 96 

^= r r^ rb ^„r^ n sn r o U i a d' r u ^ a r; 

r,o raji* 0 * at ,he oen,s - ,hese ^ 

coium^rS-n- fa " UreS °J the columns are ^uired to accommodate large movements 
Fv r^ trln f,tt 9 ^ b ® necessar * to assure that a brittle failure does not occur” 

E / SVer u® remforcement or reduction of flexural capacity are two possible 

retrofitting techniques for accomplishing this. 
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CHAPTER 10 COMPARATIVE ANALYSES 


In this chapter, several comparative analyses are reported for two different bridges. 
Both are continuous over several spans, but one is straight and the other is curved. 

For the straight bridge, several variations are analyzed in which pier heights are 
changed, skew is introduced and abutment restraint is relaxed. Results from both the 
single mode and multi-mode methods of analysis illustrate the effect of these changes 
on the seismic response and show some limits of single mode modelling. 

The computer program SEISAB was used throughout to perform these analyses and 
this chapter therefore also demonstrates the user-friendly nature of this program and 
its ability to analyze complex structures with ease. 


10.1 STRAIGHT BRIDGE EXAMPLE 

10.1.1 Geometry 

A three span continuous girder bridge is supported on multicolumn bents as shown 
in figure 125. Properties for both the superstructure and substructure are given in 
this same figure. The abutments are assumed to be seat-type abutments which are 
free to slide in the longitudinal direction but are restrained transversely. It will be noted 
that this is the same bridge as that used in chapter 8 to illustrate the seismic design 
procedures. 

In addition, this basic bridge geometry is modified seven times to produce another 
seven examples for analysis. These modifications are 

• a change in column height for bent 3 from 25 feet to 50 feet. 

• introduction of 45° skew at all abutments and piers. 

• release of the transverse restraint at both abutments. 

• combinations of the above. 

Table 23 identifies each of these examples and the variation made to the basic bridge 
model. In total, the analysis of eight examples is described in this section. 

10.1.2 Load Cases 

The response spectrum chosen for all eight analyses was as follows: 

Acceleration Coefficient. A = 0.4 
Soil Profile Type: II. (S = 1.2) 

Seismic load coefficient, C s = 1.2AS/T 2/3 

= 0.576/T 2/3 
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SUPERSTRUCTURE PROPERTIES 
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Figure 125: Three-Span. Straight Bridge Example 




Table 23: Straight Bridge Example 


EXAMPLE 

DEFINITION 

A 

Base Example: 3-span straight bridge, all column heights 25 ft. 

B 

Same as A, but with column height equal to 50 ft. at bent 3 

C 

Same as A, but with abutments and bents skewed 45 degrees 

D 

Combine B + C (unequal columns and skew) 

E 

Same as A, but release both abutments transversely 

F 

Combine B + E (unequal columns and free abutments) 

G 

Combine C + E (skew and free abutments) 

H 

Combine B + C + E (unequal columns, skew, and free abutments) 
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Direction of loading: longitudinal and transverse 

Load combinations were made as follows: 

Case 1: 1.0 * longitudinal + 0.3 * transverse 
Case 2. 0.3 * longitudinal + 1.0 * transverse 

10.1.3 Analysis Methods 

Both single mode spectral analysis (procedure 1) and multimode spectral analysis 
(procedure 2) were used to analyze each of the eight bridges in turn to determine 
the accuracy of the single mode method for this series of regular bridges of increasing 
complexity. It was of course assumed in this exercise that the multimode method was 
exact" i.e. that it give the correct answer against which results from the single mode 
method may be compared. y 

10.1.4 Input Data 

Table 24 lists the SEISAB input data for the single mode analysis of the basic bridge 
Even without any prior experience with SEISAB. it is possible to understand this input 
file. This is due, in large measure, to the development of a problem oriented language 
and the use of terms already familiar to a bridge engineer. Detailed explanations of 
each input command can be found in reference 41. 

10.1.5 Results 

Three sets of typical results are presented in Tables 25, 26 and 27 and follows: 

• Table 25: Comparison of Periods of Vibration. 

• Table 26: Comparison of Column Displacements. 

• Table 27: Comparison of Column Forces and Moments. 

These results have been extracted from the SEISAB output files and are used here 
to illustrate the range of output available and trends in response. 

10.1.6 Discussion of Results 

It appears from examination of table 25 that the single mode method gives similar 
periods of vibration to those predicted by the multimode method. This is clearly the 
case for the first four examples but it is not so clear for the second set of four 
examples. The reason for this is that, in the second set, the transverse release of 
the abutments permits a rotational mode to occur which is strongly coupled with the 
longitudinal and transverse modes. It is therefore not strictly correct to make period 
comparisons for these four examples because the single mode methods cannot model 
these coupled actions. In other words, although the periods can be compared for 
examples E through H in table 24, they are not for exactly the same mode of vibration. 

The displacements in table 26 are for the second column in bent 2. Again good 
agreement is evident between the two methods until the transverse restraint is released 
at the abutments. As noted above, this is done in examples E through H and it 
introduces a rotational mode of vibration in each case. This mode is seen to be 
particularly excited during transverse loading. Consequently the transverse displacements 
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Table 24: SEISAB Input Data - Example 1 


c ************************************************************************ 

c * * 

c* EXAMPLE 1 * 

C * * 

C * SINGLE MODE ANALYSIS OF A STRAIGHT THREE-SPAN BRIDGE. * 

C * BASE EXAMPLE - EQUAL COLUMNS. NO SKEW. ETC. . . * 

C * UNITS USED ARE KIPS, FEET, SECONDS AND RADIANS * 

C # * 

C ## .*.*.a.»*.*.*#**#***#***#*******-**##*-»*****#**************#***' ,, '* # *'* 

C 

SEISAB 'EXAMPLE 1, STRAIGHT THREE-SPAN BRIDGE' 

SINGLE MODE ANALYSIS 


ALIGNMENT DATA BLOCK IS OMITTED ENTIRELY 


SPANS 

LENGTHS, 120. 75, 120. 5, 134. 167 * SPAN LENGTHS MUST BE SPECIFIED 

AREA 123.0 * EXPLICITLY 

Ill 117.0 

122 65550 O 4 GENERATION OF SPAN CROSS SECTION DATA 

133 527. O $ IS USED 

E 430000. 0 
WEIGHT 0. 125 
DESCRIBE 

COLUMN 'TYPE 1' 'TYPICAL BENT COLUMN' 

AREA 13 O * NOTE: LENGTH INPUT IS NOT REQUIRED FOR 

HI. 13. O * SINGLE SEGMENT (PRISMATIC) COLUMN 


* GENERATION OF SPAN CROSS SECTION DATA 
$ IS USED 


$ VALUES FOR AEUTMENT 4 ARE IDENTICAL 
% TO THOSE AT ABUTMENT 1 AND ARE 
$ OBTAINED BY GENERATION 


AREA 13 O $ NOTE: LENGTH INPUT IS NOr KtUUiKtu mjk 

HI. 13. O * SINGLE SEGMENT (PRISMATIC) COLUMIv 

122, 13. 0 
133, 13. O 
E 430000.O 

SPECIAL CAP 'TYPE A' 'SPECIAL CAP MEMBER IS USED FOR BENTS' 

133 72. 2 

E 440000. O 

ABUTMENT STATION 0+0 $ VALUES FOR AEUTMENT 4 ARE IDENTICAL 

BEARING N OO OO 00 E $ TO THOSE AT ABUTMENT 1 AND ARE 

ELEVATION, 125. O $ OBTAINED BY GENERATION 

BENT 

BEARING N 00 00 00 E 
ELEVATION TOP 125. O 
HEIGHT 25. O 

COLUMN NORMAL LAYOUT 'TYPE 1' 35.0 'TYPE i' 35.0 'TYPE 1' AT 2,3 
SPECIAL CAP 'TYPE A' AT 2,3 
LOADS 

SINGLE MODE ANALYSIS 
ATC6 CURVE 
SOIL TYPE II 

ACCELERATION COEFFICIENT 0.4 

FINISH 
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Table 25: Comparison of Transverse and Longitudinal Periods 

Straight Bridge 


EXAMPLE 

PERIOD - seconds 1 

SINGLE 

MODE 

MULTI MODE (EIGEN) 

Longitudinal 

Transverse 

Longitudinal 

Transverse 

A 

0.610 

0.312 

0.624 

(1) 

l 

0.316 

(4) 

B 

0.819 

0.347 

0.835 

(1) 


0.353 

(4) 

C 

0.653 

0.322 

0.662 

(1) 


0.323 

(4) 

D 

0.868 

0.353 

0.880 

(1) 


0.355 

(4) 

E 

0.610 

0.637 

0.624 

(3) 


0.628 

(2) 

F 

0.819 

1.774 

0.835 

(2) 


2.053 

(1) 

G 

0.656 

0.694 

0.629 

(3) 

2 

0.722 

(2) 2 

H 

0.873 

1.558 

0.909 

(2) 

3 

1.827 

(1) 3 


NOTES : 

1. The numbers in parenthesis indicate mode numbers. 

2. These modes (2 and 3) are strongly coupled. 

3. These modes (1 and 2) are strongly coupled. 
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Table 26: Comparison of Absolute Column Displacements 
for Column 2 of Bent 2 - Straight Bridge 


EXAMPLE 



SINGLE 

MODE 

MULTI MODE 

(EIGEN) 

LOAD 

CASE 

Longitudinal 

(feet) 

Transverse 

(feet) 

Longitudinal 

(feet) 

Transverse 

(feet) 


A 


L 

T 

L+0.3T 

0.3L+T 


0.242 

0.000 


0.000 0.238 

0.085 0.000 

0.238 
0.071 


0.000 

0.087 

0.026 

0.087 


B 


L 

T 

L+0.3T 

0.3L+T 


0.357 

0.000 


0.000 0.361 

0.104 0.000 

0.361 
0.108 


0.000 

0.107 

0.032 

0.107 


C 


L 

T 

L+0.3T 

0.3L+T 


0.265 

0.012 


0.012 0.266 

0.091 0.013 

0.270 
0.093 


0.018 

0.090 

0.044 

0.095 


D 


L 0.386 

T 0.013 

L+0.3T 
0.3L+T 


0.012 0.393 

0.108 0.011 

0.396 
0.129 


0.016 

0.105 

0.047 

0.109 


L 0.242 

T 0.000 

L+0.3T 
0.3L+T 


0.000 0.238 

0.155 0.000 

0.238 
0.071 


0.000 

0.254 

0.076 

0.254 


F 


L 0.357 

T 0.000 

L+0.3T 
0.3L+T 


0.000 0.361 

0.001 0.000 

0.361 
0.108 


0.000 

0.306 

0.092 

0.306 


G 


L 0.267 

T 0.033 

L+0.3T 
0.3L+T 


0.035 0.222 

0.209 0.151 

0.267 
0.218 


0.158 

0.245 

0.232 

0.293 


H 


L 

T 

L+0.3T 

0.3L+T 


0.389 

0.015 


0.052 

0.066 


0.356 

0.146 

0.399 

0.252 


0.203 

0.289 

0.290 

0.350 


NOTE: 


SEISAB does not output the combination of the iongitudinal <U and transverse 
(T) analyses under the single mode option. 
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Table 27: Comparison of Maximum Column Forces and Moments 
for Bottom of Column 2. Bent 2 - Straight Bridge 



NOTE: 


The shears and moments listed are the 
longitudinal or transverse. 


maximum values and 


can be either 
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calculated by the single mode method are in substantial error for each of these four 
cases. However, it is also true that changes in column height and the introduction 
of skew can be accommodated quite successfully by the single mode method. 

A similar trend is evident in table 27 which compares forces and moments at the 
bottom of the second column in bent 2. Once the abutments are released and the 
rotational mode is excited by transverse loading, the shear forces and moments are 
underestimated by the single mode method. In fact, in example F, these quantities 
bear no relation to the correct values as given by the multimode method. But it must 
be remembered that this is to be expected from a method which uses a single mode 
shape to represent (in this case) a bridge with at least two strongly coupled lateral 
modes of vibration. The method works well for bridges with single modes and, as shown 
here, gives good results even when column heights change dramatically from pier to 
pier and a large skew is present. 


10.2 CURVED BRIDGE EXAMPLE 

10.2.1 Geometry 

A six span continuous girder bridge is supported on single columns as shown in figure 
126. Properties for both the superstructure and substructure are given in this same 
figure. Of particular interest is the hinge near mid-length and the flexible soil conditions 
requiring explicit modelling of the foundation compliance. Restrainers are also provided 
at the abutments, columns and hinge. This example has been taken from the SEISAB 
“User Manual and Example Problems" [reference 41]. 

10.2.2 Load Cases 

The response spectrum chosen to load this bridge was as follows. 

Acceleration Coefficient, A = 0.4 
Soil Profile Type: III. (S = 1.5) 

Seismic load coefficient. C s = 1.2AS/T 2/3 

= 0.720/T 2/3 

Directions: longitudinal (along the chord joining the two abutments: and 
transverse (normal to the chord) 

Load combinations were made as follows: 

Case 1: 1.0 * longitudinal + 0.3 * transverse 
Case 2: 0.3 * longitudinal + 1.0 * transverse 

10.2.3 Analysis Methods 

Both single mode spectral analysis (procedure 1) and multimode spectral analysis 
(procedure 2) were used to analyze this bridge. As with the straight bridge, one purpose 
of this exercise was to determine the suitability of the single mode method for a bridge 
of this complexity. 
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Table 28: SEISAB Input Data - Example 2 


************************************** 
* EXAMPLE 


■* -a- &&& 4HHHHM*'# 

* 


r * RESPONSE SPECTRUM ANALYSIS OF A SIX-SPAN CURVED BRIDGE * 

c * UNITS USED ARE KIPS- FEET, SECONDS AND RADIANS # 

C I*************************************************************** 

SEISAB 'EXAMPLE 2: SIX-SPAN CURVED BRIDGE 

SUPERSTRUCTURE^JOINTS^"4^'^ * FOUR INTERMEDIATE SUPERSTRUCTURE 

ALIGNMENT 

STATION 100 + 0.0 
COORDINATES N 500. E 250. 

BEARING NOE 

BC iOOOO. O 
RADIUS R 600. O 
BEARING N 66, 16. 20, E 
SPANS „ „ . 

LENGTHS 100.0, 143. 0, 3*117_0, 100 0 ^ DroirnBMtrn ptir spans 2-6 


133 360. 0 

HI 862.0 
122 13000.0 
AREA 86.0 


aj n, 1 / . kj i iw. w 

* GENERATION OF VALUES IS PERFORMED FOR SPANS 2-6 

* NOTE THAT COMMANDS MAY BE INPUT IN ANY ORDER 
$ FOLLOWING THE LENGTHS COMMAND 


DEFAULT VALUES FOR MATERIAL DENSITY AND ELASTIC MODULUS 
ARE USED. 


DESCRIBE 

COLUMN 'BNT COL' 
AREA 33. O 
Ill 146.0 
122 73.O 
133 143. O 
RESTRAINER 'TYPE 1' 
LENGTH 5. O 
AREA 3.068E-03 

E 2.01E+O6 

RESTRAINER 'TYPE 2' 
LENGTH 20. O 
AREA O. Ol 
ABUTMENT STATION 1 
ELEVATION 
WIDTH NORMAL 


'PRISMATIC BENT COLUMN TYPE' 


$ DEFAULT DENSITY AND MODULUS VALUES USED 


'GALV. H. S. 


'GALV. STEEL CABLE' 


$ DEFAULT MODULUS VALUE USED 


ABUTMENT STATION 1O0 +0.0 

UIDTO T SnAL 3? 2 0 5 lS5 ' 5 * 7 tS IS”, 

JEISE EK SJSS l-ll ^TV«, ^ >• S- 

pi ruATTnw TOP 153 0( 153. 5* 154, O* 154. 5t 155. 0 

height ' 25. J * GENERATION OF HEIGHT DATA IS PERFORMED 

COLUMN 'BNT COL' AT 2, 3, 4, 5, 6 
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Table 28: SEISAB Input Data - Example 2 (cont'd) 


c EXAMPLE 2 

C 

C 

FOUNDATION 

AT BENT 2, 3, 4, 5, 6 
SPRING CONSTANTS 
KM2M2 2. 704E+10 
KM3M3 1.292EI0 
KM1MI 2.2204E10 
KF3F3 4.084E+08 
KF1F1 4. 084E08 


Continued 


* FOUNDATION DATA MAY BE 

* ANY ORDER FOLLOWING THE 


HINGE 

AT 3 102. 00 

TRANSVERSE PIN 

RESTRAINER NORMAL LAYOUT 'TYPE 2' 4 5,4 0, 404*5 
WIDTH NORMAL 33. 5 AT 1 
LOADS 

RESPONSE SPECTRUM 
ATC6 CURVE 

SOIL TYPE III 

ACCELERATION COEFFICIENT O. 4 


INPUT 

'AT' 


'TYPE 


THE DEFAULT DIRECTION FACTORS AND 
ARE USED 


NUMBER OF MODES 


FINISH 


IN 

COMMAND 


2' AT 1 





Table 29: Comparison of Transverse and Longitudinal 
Periods - Curved Bridge 


EXAMPLE 

PERIOD - seconds 

SINGLE MODE 

MULTI MODE (EIGEN) 


Transverse 

Longitudinal 

Transverse 

Curved 

0.340 

0.365 




NOTES : 

1. The numbers in parenthesis indicate mode numbers. 

2. These modes (2 and 3) are strongly coupled. 


Table 30: Comparison of Absolute Column Displacements 
and Hinge Openings for Bent 4 - Curved Bridge 


EXAMPLE 

LOAD 

CASE 

SINGLE 

MODE 

MULTI MODE (EIGEN) 

Longitudinal 

(feet) 

Transverse 

(feet) 

Longitudinal 

(feet) 

Transverse 

(feet) 

Curved 

L 

0.053 

0.001 

0.047 

0.011 


T 

0.016 

0.109 

0.009 

0.116 


L+0.3T 

- 

- 

0.050 

0.046 


0.3L+T 

- 


0.023 

0.119 

Hinge Openings 

L 

0.041 

0.000 

0.067 

0.000 


T 

0.043 

0.000 

0.018 

0.000 


L+0.3T 

- 

- 

0.072 

0.000 


0.3L+T 

— 


0.038 

0.000 
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Table 31: 


Comparison of Maximum Column Forces 
for Bottom of Bent 4 - Curved Bridge 


and Moments 




EXAMPLE 

NO. 

LOAD 

CASE 

COLUMN FORCES AND MOMENTS li 

SINGL 

E MODE 

MULTI MODE (EIGFN1 




Moment 

(kip-ft) 

Curved 

L 

T 

L+0.3T 

0.3L+T 

902.4 

1.403.7 

12,873 

33.307 

790.9 

1,566.8 

812.5 

1,615.1 

11,180 

35.927 

14.358 

37.001 




NOTE 

either 


The shears and moments listed 
longitudinal or transverse. 


are the maximum values and can be 
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10.2.4 Input Data 

Table 28 lists the SEISAB input data for the multimode analysis of this 
it is possible to read and understand this input file without prior knowidge of the SEISAB 
input ^commands. demonstrating once more, the usefulness of a ptoblem-onented .nput 
language. Details of each command and option are given in reference 41. 

10.2.5 Results 

Three sets of results are presented in tables 29. 30 and 31 as follows. 

• Table 29 Comparison of Periods of Vibration. 

• Table 30 Comparison of Column Displacements* 

• Table 31 Comparison of Column Forces and Moments. 

These results have been extracted from the SEISAB output file and are used here 
to illustrate the available output and the accuracy of the single mode method. 

10.2.6 Discussion of Results 

Because of the curved nature of the bridge, the longitudinal and transverse' inodes 
of the bridge are strongly coupled. The single mode method is therefore unabl « 
represent this action and although the periods of vibration (table 29 are re ^ ark ^ 
close they are for different mode shapes. This inability to represent more than one 
mode at a time Is evident in the displacement results given for the column of pier 
4 by the single mode method (table 30). The transverse deflection during longitudinal 
loading is anVder of magnitude too low and the longitudinal deflection during transverse 
loading is almost twice the correct value. However, the maximum shear f °^ ce '® 
moments at the bottom of this column (table 31) are close to the multimode * a ' ue h s ; 
and this is generally true for the other columns In the bridge. It can therefore be 
concluded that the results for shear forces and moments from the single mode method 
are adequate for design purposes but that the displacements should be treated with 

caution. 
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APPENDIX A 


MODIFIED MERCALU INTENSITY SCALE 
(1956 version)* 


o? n.*®, lettering 996 ma 9Ua "* * *** 

Masonry A. Good workmanship, mortar, and design; reinforced esoeciailv latPra.K, 
fo n rces° Und t09ether ^ USin9 St6el ' concrete ' etc - designed to resist lateral 

Masonry a Ss, ::ztt:L aM mor,ar; rein,orcea - *“ n « -*"•« » 

Masom, C. ordinary "o^anship and mortar; no extreme weaknesses like failing to 
forces. remtorced nor designed against horizontal 

^ D ' ?eak m hr o a n,a,r; Cn “ - workmanship; 


INTENSITY 

VALUE 


DESCRIPTION 


I. 

II. 


IV. 


Not felt. Marginal and long-period effects of large earthquakes. 
Felt by persons at rest, on upper floors, or favorably placed. 


Felt indoors. Hanging 
Duration estimated. 


objects swing. Vibration like passing of light trucks 
May not be recognized as an earthquake. 


Hanging objects swing. Vibration like passing of heaw trurkc- nr 

dlshefdrs ra^Ss S -«s°r-° r Sot 

0M aS „o O oden r Ss a Q n a d S tme' n creak r0Ctery ' he 


* 


Original 1931 version in Wood. H.O. and Neumann F 

D nte 97 S 9 lty qR7 Ca lQ2 193 V Seismolo 9ical Society of America 
n fof VerS ' 0n prepared by Charles F. Richter. 
1958, pp.137-138. W.H. Freeman and Company. 


931, Modified Mercalli 
Bulletin, v. 53, no. 5. 
Elementary Seismology, 
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Felt outdoors; direction estimated. Sleepers wakened. Liquids disturbed, 
some spilled. Small unstable objects displaced or upset. Doors swing, 
close, open. Shutters, pictures move. Pendulum clocks stop, start, change 
rate. 

Felt by all. Many frightened and run outdoors. Persons walk unsteadily. 
Windows, dishes, glassware broken. Knickknacks. books, etc. off shelves. 
Pictures off walls. Furniture moved or overturned. Weak plaster and 
masonry D cracked. Small bells ring (church, school). Trees, bushes shaken 
visibly, or heard to rustle. 

Difficult to stand. Noticed by drivers. Hanging objects quiver. Furniture 
broken. Damage to masonry D. including cracks. Weak chimneys broken 
at roof line. Fall of plaster, loose bricks, stones, tiles, cornices also 
unbraced parapets and architectural ornaments. Some cracks in masonry 
C. Waves on ponds, water turbid with mud. Small slides and caving in 
along sand or gravel banks. Large bells ring. Concrete irrigation ditches 
damaged. 

Steering of cars affected. Damage to masonry C; partial collapse. Some 
damage to masonry B; none to masonry A. Fall of stucco and some 
masonry walls. Twisting, fall of chimneys, factory stacks, monuments, towers, 
elevated tanks. Frame houses moved on foundations if not bolted down; 
loose panel walls thrown out. Decayed piling broken off. Branches broken 
from trees. Changes in flow or temperature of springs and wells. Cracks 
in wet ground and on steep slopes. 

General panic. Masonry D destroyed; masonry C heavily damaged, 
sometimes with complete collapse; masonry B seriously damaged. General 
damage to foundations. Frames racked. Serious damage to reservoirs. 
Underground pipes broken. Conspicuous cracks in ground. In alluviated 
areas sand and mud ejected, earthquake fountains, sand craters. 

Most masonry and frame structures destroyed with their foundations. Some 
well-built wooden structures and bridges destroyed. Serious damage to 
dams, dikes, embankments. Large landslides. Water thrown on banks of 
canals, rivers, lakes, etc. Sand and mud shifted horizontally on beaches 
and flat land. Rails bent slightly. 

Rails bent greatly. Underground pipelines completely out of service. 

Damage nearly total. Large rock masses displaced. Lines of sight and 
level distorted. Objects thrown into the air. 


APPENDIX B: ABUTMENT DESIGN 


As described in Chapter 5 and illustrated 
two classifications for seismic analysis: 


in figure 53. abutments can be divided into 


pi a J utments (a,so known a s integral, or end diaphragm abutments) 

2) Seat type abutments (also known as free-standing abutments) 

Monolithic abutments tend to mobilize the adjacent soils and can be very effective 

riL a ^ S n° rbm9 «/h ner9y dUrln9 an earth( * uake ' in both the longitudinal and transverse 
directions. When it is desirable to carry large forces into the soils, this abutment 
type is preferred. Damage may be heavy but with adequate reinforcement and a 

?oten,rwm r be'verioi hlS abU ‘ men ‘ Sh ° U ' d Per '° rm Sa " s ' ac,orlly «« collapse 


Seat type abutments permit the engineer more control over the deqree of soil 
mobilization, but the added joint introduces a potential collapse mechanism into the 
structure. However, damage with this type of abutment will be less than with a 
monolithic abutment. Longitudinally, the backwall gap may be designed to permit larger 

held or %,e m a 0 sr eMS “ ° CCUr d6Slred ' *. superstructure be 


B.l Abutment Stiffness 

Abutments usually attract high in-plane forces during an earthquake because of their 
very high lateral stiffness. These structures are nearly rigid because of their physical 

to in^ r ® straint P rovided by the approach fills. It is therefore importan 
to include the combined stiffness effects of the abutment and backfill in any seismic 
analysis, particularly when calculating performance in the longitudinal direction. 

However the interaction effects between the soil and structure are complex and difficult 

hesr n p!L? UmeriCally ' NeVertheleSS 11 is important that some attempt be made to include 
ese effects in a seismic analysis. The approximate procedure outlined in Section 

. 7 n 4 'thP in recomrnended as a minimum level of effort. This procedure is illustrated 
in the following sections, using examples taken from reference 38 


B.2 Initial Abutment Stiffness Calculation (Step 1. Section 7.2.4D) 

ISutmeHlcST coSdns' neSS C ° SmimS " SU09eS,ed <referenCe 38> ,or awa 9 a 

Wall/footlng stiffness against backfill. K s = 200 K/in per lineal foot of wall 

Pile stiffness. K p = 40 K/in per pile 
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K s is based on material with shear velocity = 800 ft/sec and a wall height of about 
8 ft. Kp is for OSD standard 45 ton, 70 ton and 16" CIDH piles. 

All components which contribute to the abutment stiffness, in the direction under 
consideration, should be considered. Wingwalls should also be included but only if 
they can withstand the associated forces. 

B.2.1 Longitudinal Stiffness 

The full passive resistance of the soil is only mobilized when the abutment is moving 
towards the backfill. It is essentially zero when moving away from the backfill. 
Therefore only one equivalent abutment spring is effective at any one instant in time. 

If both abutments are identical, the equivalent bridge model will have just one abutment 
spring arbitrarily located at one or other end. 

If the abutments are unequal, two trials may be necessary, with first one abutment 
spring and then the other to determine which produces the most severe set of forces 
and deflections. 

The 50-foot wide abutment shown in figure 127a. is supported on 5 vertical piles, 
and comprises an 8 ft. high end wall and wingwalls which are 12 ft. long. 

Using the stiffness coefficients of the previous section, the following equivalent abutment 
spring coefficient is calculated: 

soil contribution = 200 K/in x 50 ft = 10,000 K/in 

pile contribution = 40 K/in x 10 piles = 400 K/in 

total abutment stiffness (initial estimate) = 10.400 K/in 

(longitudinal at one abutment) 

Note: 1. 10 piles are assumed effective, 5 at each abutment, 

2. Only 1 endwall is assumed effective, at any point in time* 

3. Wingwali contribution is neglected in longitudinal direction. 

The equivalent spring model in the longitudinal direction is shown in figure 127b. 

B.2.2 Transverse Stiffness 

The soil resistance in the transverse direction is due to wingwali action only the 
endwalls are assumed ineffective in this direction. However, because of the inherent 
flexibility in these walls, it is usual to downgrade their effective stiffness to, say, two- 
thirds of a fully restrained endwall. Also the two wingwalls at each abutment do not 
engage the same volume of backfill and a further reduction in stiffness is made to 
account for these variances. For example, the effective volume of soil that can be 
mobilized between the two walls is considerably greater than that outside either wall, 
and the number of effective walls should therefore be reduced from 2 to say 1-1/3. 
However, each abutment should be examined on its own merits and these assessments 
of wingwali performance should be reviewed using judgement and taking into acount 
local site conditions. With the above assumptions, the following equivalent abutment 
stiffnesses (in the transverse direction) may be calculated. 
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assume 
no restraint 


10.400 K/in 

includes soil resistance 
at one abutment only and 
lateral stiffness of piles 
at both abutments. 


(b) Bridge Elevation - Longitudinal Model 



(c) Bridge Plan - Transverse Model 


Figure 127: Preliminary Abutment Stiffness - Equivalent Spring Models 




soil contribution = 200 K/in x 12 x 0.67 x 1.33 = 2140 K/in 

pile contribution = 40 K/in x 5 = 200 K/in 

total abutment stiffness (initial estimate) = 2340 K/in (transverse. 

at both abutments) 


The equivalent spring model in transverse direction is shown in figure 127c. 


B.3 Abutment Forces and Displacements (Steps 2 and 3. Section 7.2.4D) 

Using the preliminary abutment stiffnesses of the previous section, the abutment forces 
and deflections may now be calculated. If these forces and deflections are excessive, 
the assumed stiffnesses will require adjustment and the analysis repeated. 

As a guide, abutment forces are considered excessive if the corresponding effective 
stress in the soil behind the abutment exceeds 5 ksf (reference 38). Assuming the 
ratio of effective stress to maximum stress is 0.65, under cyclic loading, a maximum 
stress of 7.7 ksf may be attained before degradation in the soil stiffness begins. Higher 
allowable soil stresses might be allowed for spread footings in firm soil. Also for 
the purpose of this calculation, ultimate pile loads of 40 K per pile might be assumed 
for 45 ton and 70 ton piles. 

Excessive deformation at one or both abutments is the most common form of seismic 
bridge damage. Past performance of bridge abutments has indicated that displacements 
more than 0.2 feet (2.4 in) cause severe problems, whereas movements less than this 
amount are repairable and cause little distress to the bridge structure. Accordingly, 
displacements more than 0.2 ft might be considered excessive for the purpose of these 
calculations. 

B.3.1 Example: Abutment Design for Longitudinal Earthquake 

The two span bridge in figure 128 has seat type abutments. The total deadload (W) 
is 10957 K. The seismic coefficient, A is 0.4g. The soil profile type is III and the 
site coefficient. S. is therefore 1.5. The preliminary abutment stiffness in the longitudinal 
direction is assumed zero because of the release provided by the bearings at the 
seats. This neglects the frictional forces inherent in sliders or the shear stiffness 
of elastomeric bearings if these are used at the seats. The initial value for longitudinal 
stiffness, K, is therefore governed by the pier alone and is shown to be 493 K/in. 


period, T = 2n V ^ = 27r / 10957/384 x 493 = 1.51 secs. 

seismic response coefficient C s = 1.2AS/T 2/3 

= 1.2 x 0.4 x 1.5/(1.51) 2/3 
= 0.55 

seismic force = C S .W = 0.55 x 10957= 6026 K 
deflection (longitudinal) = 6026/493 = 12.22 inches 
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seat type abutment 



abutment width 



Figure 128: Example Abutment 
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Since abutment gaps are usually less than 6 inches, impact on the backwall will occur. 
The longitudinal 9 stiffness of the abutment and backfill, which was neglected 
above calculation, must be therefore included in the analysis. 

First calculate the abutment longitudinal stiffness. 


Given: 


abutment width = 

number of vertical piles = 
soil stiffness = 

pile stiffness = 


71 feet 
30 

200 K/in/ft length of wall 
40 K/in/pile 


the abutment stiffness - 71 x 200 + 30 x 40 

= 15,400 K/in 


Also calculate the maximum abutment force that can be resisted before the soil reaches 
Us limf state (maximum stress = 7.7 ksf) and the piles reach their ultimate load 

(40 K each). 


backwall contribution = 7.7 x 12 x 71 
pile contribution = 30 x 40 

total (maximum abutment force) 


= 6560 K 
= 1200 K 
= 7760 K 
= 7800 K (say) 


several trial analyses may now be necessary because of the nonlinear nature of the 
abutment force-deflection curve. 


TRIAL 1. Assume total movement of su 
the gap to be 4 inches. This implies 2 
less than the 2.4 inches previously given 


perstructure will be 6 inches and specify 
inches of abutment movement, which is 
as a reasonable upper limit. 


Figure 129 shows the result of this trial analysis. It is constructed as follows 

a. The first 4 inches of displacement occur “freely" and the structure 
Stiffness (493 K/in) governs. 


b Once the 4 inch gap is closed, the combined stiffness of the structure 

and abutment <493 ♦ 15.400 a 15.900 K/ln) governs 

half inch (7800/15,900) of deflection, the abutment strength (7800 K) 

is exceeded. 


c. 


d. 


'he remaining 1-1/2 inches (to a total of 6 inches) of deflection occurs 
ifter soil and pile failure and since it is assumed that there is now 
io stiffness contribution from the soil or piles, the structure stiffness 

!493 K/in) governs. 


Calculate the total force at 6 inches of displacement as follows 
493 x 4 + 7800 + 493 X 1.51 = 10,516 K 


Calculate the effective combined abutment and structure stiffness as 
follows: 

10516/6 = 1753 K/in 
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Figure 129: Abutment Trial Designs 
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Given this revised stiffness <K-|) recalculate the period of vibration. 



= 27 T / 10957/384 X 1753 = 0.80 sec. 

Then the revised seismic coefficient (C s ) = 1.2 x 0.4 x 1.5/0.8 2 * 3 

= 0.84 

and the seismic force = 0.84 x 10957 = 9200 K. 

It follows that the longitudinal deflection = 9200/1753 = 5.2 inches 

Since this is less than the 6.0 inches assumed for this trial, the 4-inch gap will 
be satisfactory. The abutment movement will be less than 2.4 inches. To calculate 
the actual deflection, a reanalysis must be made assuming 5 inches of displacement 
and a revised effective stiffness. However, a more economic design can usually be 
achieved by reducing the size of the gap. and for this example, the next trial assumes 
only a 3 inch gap and 5 inches of total superstructure movement. 

TRIAL 2 Assume the total movement of the superstructure will be 5 inches, and 
the gap to be 3 inches. Figure 129 shows the results of this trial, which follows 

the steps used in Trial 1. 

It can be seen that the total force at 5 inches of displacement is 
493 x 3 + 7800 + 493 x 1.51 = 10.023 K 


The effective stiffness is now 10,023/5 = 2005 K/in 

The corresponding period of vibration = 0.75 secs 

The seismic response coefficient = 0.87 

and the corresponding seismic force = 9533 K 

It follows that the deflection = 9642/2005 = 4.8 ins 

which is satisfactorily close to the assumed value of 5 ins. 


The gap can therefore be 3 inches wide, and the expected abutment movement will 
then be of the order of 1.8 inches which is less than the 2.4 inch upper limit 
recommended for damage control. 


B3.2 General 

Generally, one of four options may be selected in the longitudinal design of an 
abutment: 

1. Provide a very large gap in order to isolate the superstructure 
movements from the abutment. This implies the use of a seat 
type abutment and. in the above example, would mean a gap in 
excess of 12 inches. 

2. Provide a gap for thermal considerations and some seismic 
displacement but also expect abutment movement under seismic 
conditions. Design the abutment so that this movement is less 
than 0.2 feet. 
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3 . 


4. 


S,™ 1 * th ® abutment backwa " to fail before exceeding the 0.2 foot 
^?'° n ' thus P rot e ct,n9 the abutment footing and pile unit. To 
be effective, the backwall (or a section of this wall) must be 
specifically detailed as a sacrificial unit, so as to fail at a 
predetermined level of load. 

Permit the total abutment to move more than 0.2 feet. 


Usually the fully free condition (l) is more expensive because of the lamer road 

~ vss. s 


Option (4) will allow more movement and damage to 
require an evaluation of stability of the total bridge, 
valid for lower seismic areas and for bridges with 
effects of large abutment movements. 


occur at the abutment and will 
The use of Option (4) is quite 
adequate stability to survive the 
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GLOSSARY 


The substructure supporting the end span of a bridge at the approach to that span. 
Abutments may be of wail type or the spill-through type founded on piles or footings. 
They may be monolithic with the superstructure or structurally separate. In the former 
case, the backwall is also an end diaphragm for the bridge superstructure and hence 
the alternate name of end diaphragm abutment. A third alternate name is integral 
abutment. In the latter case, bearings to support the superstructure are necessary 
and a road joint is also required. These abutments are called seat type abutments, 
and sometimes free standing abutments, because the abutment can stand alone from 
the superstructure. 


Accelerogram . 

The record from an accelerograph showing acceleration as a function of time. 


Accelerograph 

A strong motion earthquake instrument which records acceleration. 


Aftershock ^ _ _ 

An earthquake, usually one of a series which may occur soon after the occurrence 

of a large earthquake (main shock), but with a magnitude smaller than the main event. 


Amplification 

An increase, in earthquake motion within a structure 
of the structure. 


because of the characteristics 


Maximum deviation of any time-varying quantity from its mean value during one half 
cycle of vibration. 


Aseismic Region 

One that is relatively free of earthquakes. 


Reduction of earthquake intensity due to energy dissipation over distance with time. 

Base Isolation ^ . .. 

A technique for reducing earthquake motions and forces in a structure by isolating 

it from the ground at its base using flexible mounts with or without mechanical energy 
dissipators. 


Base Shear 

Total shear force acting at the base of a structure. 
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Bearings 


Mechanical devices designed to permit relative movements between a structure and 
ts foundation (or between parts of the same structure) while at the same tfme 
transmitting gravity loads. Used frequently in bridges and in all base-isolated structures. 


Bent 

Two or more columns in the same plane and joined bv a 
used for bridge substructures. 


capping 


beam. 


Commonly 


Bilinear 


Representation by two straight lines of the stress versus strain properties of a matPrisi 
one straight line to the yield point and a seoond „ne to represem P po?e,aidc behaS 


Braced Frame 

A framework of columns 
usually diagonal ties. 


and beams that is stiffened (or braced) by additional members. 


Brittle Failure 

Failure in a material without plastic deformation 
usually without warning. 


such a failure occurs suddenly and 


Connection 

The structural detail which joins separate members together and which transfers one 
or more actions (forces and/or moments) from member to member. 


Critical Damping 

Sho:, ln o™lbo a n mPin ° ' ha ' ^ 3 diSP ' aCed SyStem to """• *> * 


position 


Damping 

The reduction in amplitude of vibration by energy absorption. 


Diaphragm 

A structural member which is intended to be rigid in its own nlanp ann .icon 

siahTart 6Xt H ma L ,0adS amon9 two or more resistin 9 members, in a building floor 
as . d,apPra 9 ms for distributing seismic loads to columns and walls In a^bridoe 

SdfS pfers a a d ndr S a V bSme 9 : PerS "" “ “ “ dia ^'"' ""K*- ^ 


Ductility 

Ability to withstand inelastic strain without fracturing due to plastic deformation. 

Dynamic 

Having to do with bodies in motion. 


Effective Peak Acceleration 

A normalizing factor for the construction of 
spectra (ATC-3-06 ground motion parameter). 


smoothed elastic acceleration 


response 


Elasticity 

The ability of a material to return 
a displacing force is removed. 


immediately to its original form or condition after 
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Elastomeric Bearing 

A bearing constructed from a reinforced elastomer so that it is flexible (soft) in one 
plane and almost rigid normal to this plane. Rubber pads reinforced with thin steel 
plates are commonly used for bridge bearings. 

Energy Dissipation (Absorption) ^ . , 

The loss of energy (usually as heat) during the inelastic deformations of structural 

materials. Energy dissipated in this way effectively dampens vibratory motions. 
Tolerates high plastic deformations without fracture (i.e., are ductile). 

Epicenter 

The point on the earth's surface vertically above the focus or hypocenter of an 
earthquake. 


Failure Mode 

The manner in which a structure fails (e.g., column buckling, shear failure, overturning 
of structure). 


Fault 

Planar or gently curved fracture in the earth's crust across which relative displacement 
has occurred. 


Fault Zones 

A fault zone consists of numerous interlacing small faults and may be many thousands 
of feet wide. 

Felt Area 

Total extent of area where the same earthquake is felt. 

Flexible System 

A system that will sustain relatively large displacements without failure. 

Focal Depth 

Depth of the earthquake focus (or hypocenter) below the ground surface. 


Focus ... 

Focus of an earthquake is the point at which rupture occurs; synonymous with 

hypocenter. (It marks the origin of the elastic waves of an earthquake.) 


The number of events which occur in a unit of time, usually measured in cycles per 
second. 


Fundamental Period . v 4 . 

The longest period (duration in time of one full cycle of oscillatory motion) of vibration 
of a structure which has several possible modes of vibration, each with a different 

period. 


Ground Failure 

Collapse of the ground due to landsliding. mud flows. 


liquefaction or similar catastrophe. 
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Free-Standing Abutment 

An abutment which is structurally separate 

Ground Movement 

A general term; includes all aspects of 
displacement). 


from the superstructure. 

motion (acceleration, particle velocity. 


Ground Acceleration 

Acceleration of the ground due to earthquake forces. 

Ground Velocity 

Velocity of the ground during an earthquake. 

Ground Displacement 

The distance which the ground moves from its original position during an earthquake. 

Hold-Down Devices 


Mechanical devices for restraining simply supported bridge 
and abutment seats during an earthquake. 


spans from 


failing off pier 


Hypocenter 

The point below the epicenter at which an earthquake actually begins; the focus. 


Importance Classification 

An assessment of the importance of structure which is then used to determine the 

desl9n ,oads For brld9es - 


Inelastic Behavior 

Behavior of an element beyond its elastic limit. 


Intensity 

bv S ^ ie ^n t rT SUre 0f the f0rce 0f an earthquake at a particular place as determined 
effects on P ersor >s. structures and earth materials. Intensity is a measure of 
effects as contrasted with magnitude which is a measure of energy. The principal 
intensity scale used in the United States today is the Modified Mercalli. 1956 Version. 


Irregular Bridge 

Bridoe 96 that d06S n0t S3tiSfy the definition of a Aguiar bridge (See Regular 


Lateral Force Coefficients 

Factors applied to the weight of a structure or its 
for aseismic structural design. 


parts to determine lateral 


force 


Linkage 

A mechanical device (usually a bolt) 
bridge superstructure together or to an 
down device. 


which may be used to tie several 
abutment wall for the same purpose 


parts of a 
as a hold- 
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Liquefaction 

Transformation of a granular material (soil) from a solid state into a liquefied state 
as a consequence of increased pore-water pressure induced by vibrations. 

Lumped Mass 

An assumption made to simplify dynamic analysis in which actual distributions of mass 
are lumped together at specific locations based on tributary volumes of material. 

Macrozones 

Large zones of earthquake activity such as zones designated by the ATC-6 Acceleration 
Coefficient map. 

Magnification Factor 

An increase in the induced lateral forces in a structure due to frequency matching 
between the ground and structure. 

Magnitude 

A measure of earthquake size which describes the amount of energy released. See 

Richter Magnitude Scale. 

Mantle 

The main bulk of the earth between the crust and core, varying in depth from 40 
to 3,480 kilometers. 

Mean Return Period 

The average time between occurrences of an earthquake of a given size at a particular 
location. 

Modal Analysis 

Determination of design earthquake forces based upon the theoretical response of a 
structure in its several modes of vibration. 

Modified Mercalli Scale 
See Intensity. 

Mode Shape 

The characteristic shape of a vibrating structure. Complex structures can vibrate in 
more than one mode shape, depending on the exciting frequency, and respond to 
earthquakes in a combination of mode shapes. 

Moment Frame 

One which is capable of resisting bending moments at the joints, enabling it to resist 
lateral forces or unsymmetrical vertical loads through overall bending action rather 
than bracing. (See Braced Frame). 

Monolithic Abutment 

An abutment which is integral with the superstructure and may not have a road joint. 

Multimode 

More than one mode of vibration. Vibration in a complex structure (e.g.. a long bridge) 
usually consists of a combination of several modes and is said to be multimodal. 
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Natural Frequency 

The frequency of free vibration of a structure if damping effects are neglected 
Sometimes expressed in radians/sec. 

Nonstructural Components 

Those components which are not intended for the structural support of a bridae' ea 
handrail. a ' ’ y " 

Normalization 

A method of standardizing vibration characteristics. 

Out of Phase 

A vibration state where a structure in motion is not moving in the same direction as 
the ground or where different parts of the same structure are not moving together. 
Long bridges exhibit this behavior when different pier footings and abutments are 
moving in opposing directions. 

Period 

The time for an oscillatory event to occur and usually measured in seconds; the inverse 
of frequency. It is the amount of time taken for an oscillating system to complete one 
cycle of motion, it is analagous to the time which elapses between successive high 
points of the swing of a pendulum. 

Pier 

Any support to a bridge superstructure which is located between the two abutments. 
Pile 

A column which is either driven or cast in the ground to support the weiaht of a 
structure. 

Pile Cap 

A beam or slab which joins two or more piles together at the ground surface. It 

is also used as the foundation beam from which the pier or abutment is erected. 

Plate Tectonics 

The theory and study of plate formation, movement, interaction, and destruction; the 
theory which explains seismicity, volcanism. mountain building and paleomagnetic evidence 
in terms of plate motions. 

Plastic Hinge 

A hinge in a beam or column which is formed when the material at that point reaches 
its fully yielded state and rotation occurs without a significant increase in load. 

Formation of a sufficient number of plastic hinges in a structure can lead to a collapse 
mechanism. K 

Regular Bridge 

A bridge that has no abrupt or unusual changes in mass, stiffness or geometry along 

its span and has no large differences in these parameters between adjacent suDDOrts 

(abutments excluded). 
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Resonance 

A state of maximum amplitude of vibration caused by the exact matching of the excitation 
frequency with the natural frequency of the structure itself. 

Response 

Behavior of a structure excited by earthquake ground motion and measured by structure 
displacement or member action. 

Response Modification Factors 

These factors are used to modify the component forces calculated from an elastic 
analysis of a structure to determine design forces. These factors are based on the 
assumption that columns will yield when subjected to forces induced by actual seismic 
loads and that connections and foundations must be designed to resist these same 
loads with little or no damage. 

Response Spectrum 
See Spectra. 

Retaining Wail 

A wall to support the ground from slipping; frequently used at an abutment to retain 
the approach fill. 

Richter Magnitude Scale 

A measure of earthquake size which describes the amount of energy released. The 
measure is determined by taking the common logarithm (base 10) of the largest ground 
motion observed during the arrival of a P-wave or seismic surface wave and applying 
a standard correction for distance to the epicenter. 

Rigidity 

Relative stiffness of a structure or element. In numerical terms, equal to the force 
required to cause a unit displacement. 

Seismic 

Pertaining to earthquake activities. 

Seismicity 

The world-wide or local distribution of earthquakes in space and time; a general term 
for the number of earthquakes in a unit of time, or for relative earthquake activity. 

Seismic Performance Category 

A classification system which reflects the importance of a bridge and the variation 
In seismic risk throughout the country. The ATC-6 “Seismic Design Guidelines for 
Highway Bridges* 1 defines four categories to permit variations in the methods of analysis, 
minimum support lengths, column design details, and foundation and abutment design 
requirements in accordance with the seismic risk associated with a particular bridge 
location. 

Shear Distribution 

Distribution of lateral forces along the height or width of a building or between the 
piers and abutments In a bridge. 
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Shear Strength 

The stress at which a material fails in shear. 

Shear Wall 

A wail designed to resist lateral forces parallel to the wall. A shear wall is normally 
vertical, although not necessarily so. 

Shear Key 

A structural component intended to transfer shear force from one structural member 
to another. 

Simple Harmonic Motion 

Oscillatory motion of an object at a single frequency. Essentially a vibratory 
displacement such as that described by a weight which is attached to one end of 
a spring and allowed to vibrate freely. This displacement may be described bv a 
sinusoidal function of time. J 

Single-Mode 

Vibration of a structure is completely described by one mode of vibration rather than 
a combination of modes as in complex structures. See Multimode. 

Site Effects 

The effect of site soil conditions on the behavior of a bridge or building during an 
earthquake. » a 

Soil-Structure Interaction 
See Site Effects. 

Spectra 

A plot indicating maximum earthquake response with respect to natural period or 
frequency of the structure or element. Spectra can show acceleration velocity 
displacement, shear or other measure of response. 

Stability 

Resistance to displacement or overturning. 

Stiffness 

Rigidity, or the reciprocal of flexibility. 

Strain Release 

Movement along a fault plane; can be gradual or abrupt. 

Substructure (of a Bridge) 

Those structural units which support the superstructure and therefore may include the 
pier cap, pier, pile cap. footing, piles, abutment and wingwall structures. 


Superstructure (of a Bridge) 

That part of a bridge which supports the live load and transfers this load to the 
substructures. It may comprise beams, slabs, box girders, and/or trusses. 

Support Length 

The length available at a pier or abutment to support the superstructure. 
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Time Dependent Response Analysis 

Study of the behavior of a structure to determine a complete record or time history 
of response to input excitation. 

Torsion 

Twisting around an axis. 

Vibration 

A periodic motion which repeats itself after a definite interval of time. 

Yield 

The onset of plastic deformation in a member once the elastic limit has been exceeded. 
Accompanied by nonrecoverable deformations. 
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